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Abstract 
During the last decade, the use of probabilistic tools for assessing the reliability of 
structural systems under seismic excitations has attracted considerable research. This has 
been prompted by the damages detected in many buildings following severe earthquake 
events, and the fact that the uncertainties related to the structural capacity, demand and 
seismic loading, may be more efficiendy accounted for and quantified within a 
probabilistic context. 
With seismic probabilistic methodologies still under development, this thesis aims 
to explore reliability issues associated with steel Moment Resisting Frames (MRFs), and, 
within this context, to present appropriate tools for fragility assessment. To this end, a 
detailed analytical fragility methodology, is initially developed and tested through a case 
study, namely a u.s. code-designed, 3-storey MRF. The fragilities are presented in terms 
of three FEMA-based, probabilistically defined, performance levels. The developed 
methodology, despite being computationally intensive, involves only a limited number 
of assumptions, related mainly to the structural modelling, and is verified through 
comparisons with previously published results. Special attention is given to the influence 
of joint failures on the seismic reliability. 
Given the lack of corresponding European studies, the thesis then presents a 
probabilistic assessment of a Eurocode 8-designed, 5-storey MRF. For this MRF, results 
in terms of seismic fragility curves as well as annual failure probabilities, based on a 
hazard analysis, are presented. The effect of joint ductility on the safety levels associated 
with different performance objectives is explicidy assessed, having based its probabilistic 
modelling on experimental studies related to the cyclic behaviour of typical European 
steel joints. The results indicate that the effect of the joint ductility is noticeable in the 
median fragility curves at high seismic demand and response levels. Furthermore, the 
nominal seismic reliability obtained for the Eurocode 8-designed MRF is generally 
satisfactory. 
Closed-form/ simplified methodologies for fragility assessment are becoming 
popular, hence the final part of this thesis is devoted to assessing their robustness. This 
is done by comparing alternative methodologies with the methodology developed earlier 
in this thesis. The study reveals that the simplified analytical methodologies are able to 
provide, for relatively 'regular' MRF typologies, satisfactory results, thus obviating the 
need for computationally demanding approaches. 
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Chapter 1 Introduction 
Earthquakes are a major cause of structural damage and consequently of large human 
and economic losses. For this reason, the design and performance assessment of 
buildings subjected to ground motions have attracted considerable research. Following 
the unsatisfactory performance of several structures located in seismic areas, the 
engineering community has increasingly become, over the years, convinced that the 
problem may be treated more efficiently using probabilistic tools coupled with a set of 
performance-related criteria. Justification for this transition is provided by the different 
uncertainties associated with the problem, such as the ground motion characteristics and 
the material behaviour, both of which result in an overall uncertain building response. 
Additional sources of uncertainty stem from the lack of complete knowledge 
(epistemic), which is typically associated with the modelling employed. It is worth noting 
that, despite the recent advances in the earthquake engineering field, seismological and 
structural seismic response-related uncertainties are among the largest faced by 
engineers [Wen et aI., 2003]. 
A typical example of the uncertainty in building response was clearly demonstrated 
following the Northridge and Kobe earthquakes in 1994 and 1995, respectively. In 
Northridge, in particular, the behaviour of the welded connections of Moment Resisting 
Frames (MRFs) was unexpected and undesirable. Many steel buildings, designed and 
constructed to the latest, at that time, seismic codes and practices, were found to have 
suffered excessive connection damage. Prompted by the damage produced by these 
earthquakes, major experimental and analytical studies in the USA, Japan and Europe 
have been directed towards exploring the seismic performance of steel MRF s, in order 
to identify the potential failure modes, quantify the risk induced by the different sources 
of uncertainty on this type of steel structure and provide efficient solutions. 
In view of the aforementioned challenges, progress has been also made, in terms of 
the development of probabilistic seismic reliability methods for the assessment of 
existing structures and the design of new ones. The ultimate goal of these efforts was 
the development of a framework for designing new structures of predictable and 
controlled performance as well as for assessing the potential damage of existing ones, 
under certain levels of seismic risk. Despite the fact that probabilistic design and 
assessment methods in earthquake engineering are still under development, with 
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discrepancies in results among the different approaches remaining largely unexplored, 
these methodologies have, in recent years, found their way to loss estimation 
procedures. The latter are essential for a number of reasons including, earthquake-
related economic and social impact prediction, as well as strategy development for 
rehabilitation and emergency management. Notwithstanding, due to the large number of 
uncertainties involved in loss estimation studies, some of which are related to 
incomplete scientific knowledge and others to simplifications undertaken at various 
stages of the process, their outcome should certainly not be considered as being 
deterministic [Spence, 2007]. 
In view of the fragility methodologies being currendy under development and on 
the premise that evaluation of the fragility is a necessary step towards loss estimation, 
along with the hazard assessment and the establishment of damage-to-loss relationships, 
this thesis is focused on the development of an appropriate analytical fragility 
methodology for steel frames. In doing so, sets of fragility curves are developed for two 
case studies related to regular steel frames; a low-rise frame designed to pre-Northridge 
U.S. practices and a mid-rise frame designed to European practices. It is worth noting 
that, at present, fragility studies for European steel MRF s are almost completely lacking. 
Particular emphasis is given to quantifying the effect of the potential joint failures on the 
seismic fragility of the examined buildings within a probabilistic context. For both MRF 
typologies, the seismic risk is evaluated combining the structural fragility with the 
seismic hazard. 
Following on from the fragility assessment presented for the two case studies, this 
thesis proceeds with the appraisal of simplified methods. These methods are in principle 
based on the lognormal approximation of the fragility and are likely to be adopted in 
practical applications due to their significandy reduced computational requirements. 
Comparisons are carried out with the previously developed novel fragility methodology, 
which may be considered to yield, at present, the best fragility estimate, due to the 
limited number of assumptions involved. 
1.1 Thesis outline 
This thesis is organised into 6 chapters including this one. 
Chapter 2 begins with an overview of the potential earthquake induced damages in 
steel MRF s. The identification of the main damage modes in steel buildings is followed 
2 
by a discussion of the state-of-the-art performance-based design and assessment 
framework. The fundamentals of reliability engineering as well as the basis of the 
various approaches for performing a probabilistic seismic assessment are presented 
next. This presentation serves as a bridge towards the discussion on general fragility 
concepts. The chapter concludes with a comprehensive review on previous fragility 
applications in steel MRF s. 
Chapter 3 presents the basic principles of the proposed analytical fragility 
methodology, through the case study of a pre-Northridge U.S.-designed steel frame. 
Although this study can be seen as an autonomous step-by-step application of the 
proposed fragility methodology, assessing the notional reliability levels of the pre-
Northridge, low-rise steel construction with potential brittle connection fractures, its 
main scope is to increase confidence in the proposed methodology. For this reason, the 
annual probabilities of exceeding a set of performance levels are evaluated and 
compared to those of other pertinent studies. 
In chapter 4, a review of European experimental studies on the cyclic behaviour of 
steel beam-to-column joints is presented and a simplified equation is proposed for the 
joint plastic rotation capacity, as a function of the beam depth. Following this review, a 
mid-rise steel frame designed according to Eurocode 3 and 8 provisions is investigated 
using the proposed methodology. Particular emphasis is given to the joint ductility, 
which is believed to be among the most influential factors in steel frames fragility 
formulation. Once more the assessment concludes with a hazard analysis whereby the 
annual 'failure' probabilities of the investigated Eurocode 8 typical design are being 
evaluated. 
Chapter 5 synthesises the results of the previous chapters with an aim to explore 
the efficiency and robustness of alternative probabilistic methodologies in perfonning a 
fragility assessment. This is accomplished by (a) decompose the fragility to its main 
ingredients so as to address a number of issues associated with them (b) explore the 
validity and limitations of the closed-form multi-performance fragility formulation based 
on dynamic analyses for evaluating the structural responses (c) extend the previous 
findings to the "2000 SAC/FEMA" method in order to quantify the capacity related 
uncertainties (d) assess the efficiency of a simplified fragility formulation based on the 
nonlinear static (pushover) analysis and finally (e) propose an approximate though novel 
method for performing a fragility assessment in steel frames with analytical platforms 
that can not explicitly model potential joint failures. 
3 
Chapter 6 concludes this thesis summarising the main findings and providing the 
overall conclusions. In this chapter suggestions are also made for future research on the 
topic of the fragility methodology for steel MRF s. 
4 
Chapter 2 Background theory and literature review 
2.1 Introduction 
Among various construction materials, stee~ due to its inherent ductility, is considered 
as being ideal for use in seismic regions. Thus, not surprisingly, steel frames are, at an 
increasing rate, constructed in seismic regions around the world. One particular type of 
frame, the Moment Resisting Frame (MRF) has become a popular choice majnly due to 
the increased architectural demand for unobstructed open spaces at the ground level. 
The general belief is that, if properly detailed, MRFs are capable of displaying good 
seismic behaviour by dissipating considerable energy during an earthquake event. 
However, the non-satisfactory performance of MRFs in recent earthquake events 
has forced the engineering community to reconsider several design and construction 
practices. Given that the seismic response of a structure is highly random, partly due to 
randomness related to its structural properties and partly due to the randomness of the 
earthquake excitation, probabilistic methods have become increasingly popular. It is 
generally believed that the probabilistic treatment of the problem is, at present, the best 
available tool. 
This chapter presents an overview of the seismic behaviour of the steel moment 
frames and briefly summarises their most common types of damage and failure. It also 
provides a summary of the modem practices related to performance-based design and 
assessment. Following this discussion the main reliability methods for performing a 
seismic reliability assessment are reviewed. The study continues with defining the 
seismic fragility and oudying the principles of the closed-form fragility formulation. The 
last section concludes with a literature survey on past probabilistic applications dealing 
with the seismic performance of steel MRF s. 
2.2 Steel Moment Resisting Frames (MRFs) under seismic loading 
A steel Moment Resisting Frame (MRF) is a common type of building construction, 
which resists lateral forces through its members acting in a flexural way [EN1998-1, 
2004]. In this type of frame, it is anticipated that ductile behaviour is exhibited through 
the formation of flexural hinges in the beams and rarely in the columns, through the 
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fonnation of shear hinges in panel zones, or through the combination of the above 
energy dissipation mechanisms [FEMA 350, 2000]. Due to their inherent flexibility, 
MRF s may develop large interstorey drifts when subjected to strong earthquake motions 
[Hamburger and Nazir, 2003]. Generally, it is recommended that plastic zones are 
limited within the beam spans and brittle fractures in the connections are avoided at all 
costs. 
However, in addition to brittle fractures, the development of the desirable plastic 
zones in beams may be inhibited by low-cycle fatigue, a phenomenon which is amplified 
by local buckling of steel sections. Other damage types are related to the development 
of high shear forces in the panel zones, in which case the latter may undergo large 
deformations resulting in high drifts on a global scale and increased likelihood of 
connection fractures due to localised deformations in column flanges [Kim and 
Engelhardt, 2002]. 
The previously mentioned types of damage have been observed in the aftermath of 
several seismic events and are discussed in more detail in the following sections. 
2.2.1 Column damage 
Columns, by definition, are the matn structural components contributing to global 
stability. Plastic hinging in columns leads to the reduction of gravity and lateral load-
carrying capacity of the structure [FEMA 267, 1995], loss of ductility and, in some cases, 
to the formation of 'soft storey' mechanisms (fig. 2.1a). This is the reason why inelastic 
behaviour of columns under earthquake loading should be avoided . 
.- -- . -
(a) (b) 
Figure 2.1 (a) 'Soft-storey' and (b) Global collapse mechanisms 
Provision is made in most modem seismic codes so that plastic hinges form at the 
end of beams instead of columns. In the case of moment resisting frames, the EC8 
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proV1S1ons [EN1998-1, 2004] aim at avoiding the fonnation of plastic hinges in the 
columns. TIlls is achieved by designing columns, which have at their joints 300/0 greater 
design flexural capacity than the framing beams. This stipulation satisfies the design 
requirement for avoiding 'soft-storey' mechanisms, where plastic hinges are formed 
simultaneously at both column ends. 
However, it does not ensure that the frame will be forced to fail through the 
favourable global mechanism shown in figure 2.1 b [Mazzolani and Piluso, 1997]. It is 
common in the design of steel MRF s to use stocky column sections in order to satisfy 
both the well known strong column-weak beam requirement as well as the lateral 
displacement provisions [Sabol, 2004]. 
Several types of damage associated with columns have been identified during past 
earthquakes, the most common being located in the column flange and the base plate. 
Column flange damage can be associated either with flange buckling or with cracking 
along or across the thickness of the flange. On the other hand, fracture of base plates 
and splitting of concrete in tension, where the anchors are embedded, are some of the 
most likely modes of failure [Smith, 1996]. 
2.2.2 Beam damage 
As in the case of columns, beam behaviour also influences, though to a lesser extent, 
overall structural response under earthquake excitation. However, unlike columns, 
plastic hinging in beams corresponds to a desired plastic frame behaviour according to 
the strong column-weak beam concept [Kappos, 2002]. In order for the latter concept 
to be achieved, one basic requirement is that beam sections should have sufficient 
rotational ductility, typically associated with a long plateau in the moment-rotation 
curve. 
Prior to the Northridge earthquake, most design codes stipulated that plastic hinges 
at beams should develop adjacent to column faces. However, as the Northridge 
earthquake demonstrated, this design approach led to a number of brittle fractures being 
observed in the connections, due to the high demands imposed on them. For this 
reason, recent FEMA recommendations [FEMA 350, 2000] suggest the shifting of 
plastic hinges away from column faces. Tbis can be achieved by either strengthening the 
connection area using haunches or welded attachments in the beam flanges, or, 
alternatively, by reducing the beam section a certain distance away from the beam-
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column interface. These design measures are intended to create a locally 'weak' segment 
in the beam. 
The most common damage types observed in beams under earthquake excitations 
are associated with yielding and buckling of the web or flanges, web fractures and lateral 
torsional buckling [FEMA 267, 1995]. Strength degradation may also occur due to low-
cycle fatigue [Dowrick, 1987]. Flange damage and initiation of lateral torsional buckling 
have been observed at the bottom unrestrained flanges of the steel sections. One of the 
main reasons related to this type of behaviour is the presence of the concrete floor slab. 
The presence of the concrete slab, whose structural contribution through composite 
action is typically ignored during the design of steel MRF s, results in a substantial shift 
of the beam's neutral axis towards its top flange. This phenomenon leads to a significant 
increase in the strains developed in the bottom flange and its connection. The 
contribution of the concrete slab to the strength and stiffness of the beams may also 
alter the type of failure mode from a strong column-weak beam mode to a strong beam-
weak column mode [Leon et aL, 1998]. 
2.2.3 Connection behaviour and damage types 
The reliability of steel moment resisting frames in seismic regions is highly dependent, 
among other factors, on the satisfactory performance of their joints. Hence, the 
characteristic ductility, as well as the low-cycle fatigue strength of their individual 
components, should comply with specific perfonnance criteria, since connections 
influence the overall resistance of a structure and their stiffness strongly affects the 
building's dynamic characteristics [Roeder, 2002; Righiniotis, 2004]. Due to its 
importance, a connection's satisfactory performance should be guaranteed and brittle 
failures avoided. In seismic regions, fully restrained connections are typically used for 
the design ofMRFs. 
2.2.3.1 General review on joint behaviour 
With regard to their stiffness, joints are typically assumed to be either fully-rigid or 
pinned. However, EC3 [EN1993-1-8, 2005], the Eurocode for the design of steel 
structures, recognises that the actual joint behaviour usually lies between these two 
extremes, in which case the joint is characterised as semi-rigid. In tenns of unbraced 
frames, EC3 defines certain classification boundaries. In particular, the code stipulates 
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that, for a joint to be characterised as rigid, the initial beam-to-column J' oint stiffness S ... j,m 
should satisfy the following condition, 
S ... ~ 25EI 
j,llll L (2.1) 
where, E is the modulus of elasticity for steel, I is the second moment of area of the 
beam and L is the span of the beam measured from the column centrelines. 
Furthennore, according to EC3 [EN1993-1-8, 2005], a joint is characterised as being 
nominally pinned if its initial stiffness satisfies the following equation 
S ... ~ 0.5EI 
j,llll L (2.2) 
As a consequence, all joints whose stiffness lies between the aforementioned limits may 
be characterised as semi-rigid. 
Apart from the joint stiffness classification, of equal importance is the classification 
of the joints with respect to their strength. In this case, a joint may be classified as being 
full-strength, nominally pinned or partial strength. A joint strength classification is 
perfonned by comparing the joint strength to the design moment resistance of the 
connected member. Thus, according to EC3 [EN1993-1-8, 2005], a full strength joint is 
expected to have a greater strength than that of the connected member. In the case of a 
nominally pinned joint the design moment resistance should be lower than 250/0 of the 
design moment resistance required for a full strength joint. Joints that do not meet the 
previously mentioned criteria are said to be of partial strength. In earthquake resistant 
design, the non-dissipative connections should be designed to have sufficient 
overstrength, and hence, according to EC8 [EN1998-1, 2004] satisfy the following 
overstrength criterion 
(2.3) 
where, Rd is the joint design resistance, Rp is the plastic resistance of the dissipative 
connecting part and Yov is the overstrength factor accounting for the variability of the 
steel yield stress. The coefficient Yov can be assumed equal to unity in cases where the 
yield strength in the dissipative zones is evaluated from experimental tests or in cases 
where the maximum yield strength of steel in the dissipative zones is lower than the 
nominal yield strength value in the non-dissipative zones. Although the value of Yov is 
left in the discretion of the National Annexes, the value recommended by EC8 
[EN1998-1, 2004] is 1.25. It has to be mentioned that Eq. (2.3) is not applicable to 
joints constructed using full penetration butt welds. 
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By satisfying the criterion of Eq. (2.3) (full strength joints), plastification is ensured 
within the beams, provided that the joints possess satisfactory rotational stiffness as well 
as sufficient ductility for allowing energy absorption to take place in the dissipative 
zones. In partial strength joints, the seismic energy is absorbed through the plastic 
excursions of the ductile joint components. As is evident from this discussion, the joint 
strength is of primary importance since it determines the dissipative zones within the 
structure [piluso and Rizzano, 2007]. 
Equivalent spring 
I 
~ -----
I 
Figure 2.2 Simplified joint modelling 
For the purpose of detennining a joint's strength and stiffness, EC3 [EN1993-1-8, 
2005] suggests the use of the 'component method'. The main idea of this method is to 
decompose the joint into its individual components (i.e. welds, bolts in tension, panel 
zone in shear, column flange in bending, beam flange in compression etc), evaluate their 
mechanical characteristics and, finally, combine these characteristics in order to obtain 
the properties of the whole joint Uaspart, 2002]. The 'component method' allows for 
the representation of the joint using a simplified mechanical model consisting of springs 
and rigid links where the panel zone and the connection are modelled separately. 
Simplification of the procedure, involves the joint being modelled as a single equivalent 
rotational spring (see fig. 2.2), which accounts both for the panel zone and connection 
behaviour. This simplification is rather useful, since most of the available software 
cannot handle the separate modelling of both sources of defonnability in a joint Uaspar, 
2000]. 
10 
In terms of both the strength and the stiffness of a )Olit, the following 
combinations are possible: 
a) Full strength, rigid joint 
b) Partial strength, rigid joint 
c) Full strength, semi-rigid joint 
d) Partial strength, semi-rigid joint 
e) Nominally pinned joint 
It has to be noted, that assessing the effect individual joint characteristics have on 
the global seismic behaviour is not a straightforward task, since merits arising from the 
use of a specific joint configuration, subject to a particular ground motion, may well 
become drawbacks in the case of a different seismic event. Thus, while the use of semi-
rigid joints results in increased section sizes, in order to comply with the code 
serviceability limitations, the resultant flexible structure has a longer period and, as a 
consequence, may well experience reduced spectral accelerations [Rizzano, 2006]. 
Furthermore, semi-rigid joints are an important energy dissipation mechanism for the 
structural system, and provide a source of hysteretic damping [Huh and Haldar, 2002]. 
Regarding the joint strength, a parametric study performed by Della Corte et al. [2000], 
which investigated the influence of joint modelling on the response of MRF s, concluded 
that the initial joint strength significandy affects the seismic responses since it alters the 
ductility demands imposed on the joints. 
In MRF s, despite the potential advantages that may result from the use of semi-
rigid joints, traditionally, all the beam-to-column connections are required to be full-
strength and rigid [Dubina et aI., 2001]. The wider application of the semi-rigid, partial 
strength joints in MRFs is majnly precluded by the reluctance of many designers to 
commission the additional computational effort, which accompanies the consideration 
of semi-rigid joints, as well as by the lack of detailed seismic design guidance for these 
joint types [Rizzano, 2006]. Usually rigid and full strength connections are constructed 
either as fully welded or as bolted and welded on site. Bolted connections, which do not 
involve welding on site, can also be designed for seismic applications to be rigid and of 
full strength. However, it has to be noted that, in order for a bolted connection to 
comply with the overstrength criterion, large plates and bolts would need to be used 
[plumier, 1994]. 
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2.2.3.2 Experimental and field observations on pre-Northridge connections 
Prior to the Northridge earthquake, the typical connection used for earthquake resistant 
design in the United States consisted of full penetration welds, connecting the beam 
flanges to the column flange, and a shear plate bolted or welded to the beam web, which 
was then site welded to the column flange (see fig. 2.3). Before its introduction in the 
construction practice, this connection type was extensively tested [e.g. Popov and 
Pinkney, 1969; Popov and Stephen, 1972], and was found to have a satisfactory 
behaviour under cyclic loading. One year prior to the Northridge earthquake, a paper 
published by Engelhardt and Husain [1993] raised concerns regarding the adequacy of 
this type of connection for satisfying seismic design criteria. In the aftermath of the 
Northridge event, connection fractures were detected in regions experiencing relatively 
low peak ground accelerations (less than 0.3g), whereas in areas where the shaking was 
more severe, fractures in some buildings were observed in all of the connections in one 
or more floors [Malley et al, 2004]. Here, the term 'fracture' is used to describe either 
complete separation of the plate elements, or the existence of a large crack between 
plate elements which significandy lowers the load-carrying capacity of the connection 
[Krawinkler, 1995]. Subsequent tests on full scale specimens were able to reproduce the 
Northridge cracks and have revealed that pre-Northridge connections were typically 
characterised by premature fractures at small plastic rotations and a high variability in 
response [Whittaker et al, 1998]. 
Shear plate 
Panel zone 
\ Backing b" 
Figure 2.3 Typical pre-Northridge connection 
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The inability of the pre-Northridge connections to develop sufficient plastic 
rotation has been attributed to a number of factors associated with design and 
construction as well as material behaviour. Some of these factors were the low fracture 
toughness of the weld metal, the presence of the backing bars, which were left in place 
following weld completion [popov et at., 1998], the effect of welding residual stresses 
[Matos and Dodds, 2001], the overstress of the bottom beam flange welds caused by the 
floor slabs, and the poor workmanship [Engelhardt and Sabol, 1997]. 
Coupon tests have also revealed that the actual mean yield strength of the A-36 
steel (339MPa) used for beam sections in Northridge was significandy higher 
(approximately 35%) than its nominal value assumed in the design [FEMA 355C, 2000]. 
This, coupled with the fact that the A-572 steel used for columns had only slighdy 
higher (approximately 15%) actual mean yield strength (397MPa) compared to its 
nominal value [FEMA 355C, 2000], may have led to an unintentional erosion of the 
weak. beam-strong column design criterion. 
The cracks observed in Northridge initiated at the bottom flange and propagated 
along the heat affected zone of the column base metal and, in some cases, through the 
panel zone. In other cases cracks propagated along the beam-column interface leading 
to complete beam flange separation [FEMA 267, 1995]. To a lesser extend, fractures of 
the top flange weld have also been observed both in the field as well as during 
experimental testing. In the latter case, fractures were recorded at greater values of 
plastic rotation than for their bottom flange counterparts. 
Experimental studies have revealed that, following fracture of the bottom weld, the 
connection does not completely fail [SAC, 1996]. This residual resistance exists up to 
the point of top flange weld fracture which leads to the complete loss of the connection 
moment carrying capacity. The fact that the connection is capable of carrying additional 
load following the first fracture event may playa significant role on the global behaviour 
of the building. 
The pre-fracture hysteretic behaviour of the pre-Northridge connection has been 
observed to follow an elastic, strain hardening rule. Once fracture occurs, the moment 
strength of the connection drops to a small portion of its original strength. This portion 
is in the range of 20-40% of the initial strength of the connection [Wang and Wen, 
2000a]. It is worth mentioning that such a significant reduction in the connection 
strength is observed only in cases where the bending is in a crack opening direction. 
Under reversed bending, provided that only one of the flanges has fractured, the 
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resistance is found to be in the range of 70-90% of its initial moment strength [Wang 
and Wen, 2000a]. Figure 2.4, depicts a typical hysteretic behaviour of a pre-Northridge 
connection in terms of the total rotation. 
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Figure 2.4 Hysteresis loops of a pre-Northridge connection [Yang and Popov, 1995] 
2.2.3.3 Analytical models for fractured U.S. connections 
Over the past few years, several researchers, in an attempt to explain the observed 
brittle fractures on U.S. connections, have employed fracture mechanics methods, 
involving either simplified [Righiniotis et aL, 2002] or detailed finite element crack 
models [Chi et aL, 2000; Righiniotis et aL, 2000; Righiniotis and Hobbs, 2000]. Further 
work carried out by Joh and Chen [1999], Matos and Dodds [2001, 2002] and 
Righiniotis and Imam [2004] has also accounted for randomness in various parameters, 
which affect fracture resistance. 
J oh and Chen [1999] used the distribution of crack SIZes, obtained from 
experimental results, in conjunction with linear elastic fracture mechanics models, in 
order to obtain the distribution of brittle fracture moments. Righiniotis and Imam 
[2004] used the simplified two-dimensional deterministic model developed by 
Righiniotis et aL [2002] to assess the reliability of a pre-Northridge connection. The 
model proposed by Matos and Dodds [2001] provided an estimate for the failure 
probability of a connection through a two-parameter Weibull distribution. This 
distribution has been found to describe well the experimental distribution of fracture 
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moments pertaining to 15 pre-Northridge style connection tests and is described in 
detail in section 3.3.2. 
2.2.3.4 Experimental studies on post-Northridge connections 
An extensive research program, aiming to provide improved guidance on the design of 
connections on steel frames, was funded by the u.s. Federal Emergency Management 
Agency (FEMA). Thus, a series of tests were conducted on different connection 
designs, which were devised to achieve an improved seismic performance (i.e. improved 
ductility characteristics). An overview of the results, obtained from these research 
studies on a range of post-Northridge connections, along with connection design 
guidelines, are presented in FEMA 350 [2000] and the state-of-the-art FEMA 355D 
[2000] report. These reports, along with the improved welded connections, discuss the 
seismic performance of other connection typologies, such as field bolted connections. 
Later on, several of these design guidelines were incorporated into the document 
'Seismic provisions for structural steel buildings' which is published by the American 
Institute of Steel Construction (AISC) [2005]. 
2.2.3.5 Connection damages and research following the Kobe earthquake 
One year after the Northridge earthquake, steel construction in Japan suffered a severe 
setback as a result of the 1995 Kobe earthquake. Despite the fact that the Japanese 
design practices were different from those adopted in the United States, because the 
majority of steel MRFs were constructed using box columns [Gioncu and Mazzolani, 
2002], fractures observed in the welded beam-to-column connections were among the 
most serious damage to occur [Nakashima et aI., 2004]. 
Of the most common beam-to-column connection typologies used in Japan is the 
through-diaphragm connection [Nakashima et aI., 1998]. The construction of this 
connection involves cutting the column tube member at the position of the beam 
flanges and inserting two diaphragm plates between the column pieces. These plates are 
shop welded all around the column section by complete joint penetration groove welds 
whereas a short beam stud is also shop welded in the column to allow for a bolted 
connection with the rest of the beam being assembled on site [Nakashima et aI., 1998]. 
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The damage in the beam-to-column connections during the Kobe earthquake, also 
found in the Northridge event, involved brittle fractures. These fractures were typically 
located in the lower beam flanges, in the welded zones, as well as in the diaphragm 
plates and in the beam or column webs [Gioncu and Mazzolani, 2002]. Following the 
discovery of the aforementioned damage, several experimental programs were launched 
in Japan [e.g. JSSC, 1997; Nakashima et aI., 1998] in an attempt to address the potential 
causes, as well as to propose potential connection improvements. These research efforts 
led, among others, to changes in the Japanese seismic design code and to several 
guideline documents related to the design and fabrication of the connections in steel 
structures [e.g. AIJ, 2001]. 
2.2.3.6 Experimental studies on rigid European connections 
The unexpected connection damage sustained by many steel buildings during the 
Northridge and Kobe earthquakes in 1994 and 1995, posed questions on the adequacy 
of the connection design and construction practices adopted not only in the u.s. and 
Japan but also in Europe. A number of European tests on typical rigid connections are 
discussed in detail in section 4.2. 
2.2.4 Panel zone damage 
The panel zone is the part of the column, which is fonned by extending the beam flange 
lines in the column web (see fig. 2.3). Panel zones can have a significant influence on the 
dynamic response of the frames, as they might undergo large inelastic distortions which 
can potentially introduce second order effects in the structure [Castro et aI., 2005]. 
Among the most common types of damage in the panel zone area are column web 
shear yielding or buckling and column flange distortion. It should be mentioned that 
panel zone damages are considered to be among the most cosdy to repair, due to the 
fact that, for stability reasons, the replacement of these damaged sections is particularly 
difficult [FEMA 267, 1995]. Weak panel zones may result in the fonnation of a yield 
mechanism, which is controlled by shear yielding in the panel zones, thus preventing the 
utilisation of the full flexural capacity in beams or columns [Gupta and Krawinkler, 
1999]. These observations, in conjunction with the fact that yielding in panel zones is 
some times permitted [FEMA 350,2000], as it is believed to improve energy dissipation 
characteristics, stress the need for a detailed design. 
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The issue of the maximum permissible plastic rotation developed in the panel zone 
has been raised in the past [popov et ai, 1986]. Previously, several laboratory tests [e.g. 
Bertero et ai, 1972; Krawinkler et ai, 1975] investigated the influence of panel zone 
defonnations using beam-column sub-assemblies, without, however, accounting for the 
effects of the presence of concrete slabs. These tests explored some possible damage 
types in panel zones and, for the first time, highlighted the contribution of panel zone 
yielding in relaxing the beam rotation capacity demands. However, studies carried out 
following the Northridge earthquake [Whittaker et ai, 1998], have presented two 
disadvantages associated with yielding of panel zones. Due to the variability of the steel 
material properties the first disadvantage is related to the difficulty in specifying the 
correct proportion between the amount of plastic rotation taken by the panel zone and 
the beam. The second disadvantage is linked to column flange kinking, which is 
observed during excessive panel zone defonnations and may initiate fractures of the 
beam-to-column connection welds [plumier, 2000]. 
2.3 Performance-based design and assessment 
2.3.1 General considerations 
According to most current codes, for a seismic design to be considered adequate, the 
analysed structure should satisfy objectives for life safety and occupancy. These codes 
require the structure to remain elastic in the event of a minor earthquake, to resist 
moderate earthquake events while sustaining repairable damage, and finally to withstand 
major events without local or global collapse. Therefore, a moderate earthquake, which 
reflects an event having a considerable probability of occurrence during the structure's 
life, is typically used for dimensioning the structure, and a severe event is used to assess 
its structural safety [Clough and Penzien, 1975]. 
Recendy, the engineering community has realised that traditional force-based 
methodologies fail to provide sufficient information regarding the confidence level 
associated with the structure's survivability under an earthquake. This conclusion has 
been reached following the unsatisfactory performance of various structures designed to 
the traditional methods in recent earthquakes, such as Northridge and Kobe. 
For this reason, design codes in several countries are subjected to continuous 
changes, moving towards performance-based design. The basic idea of performance-
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based design is to form a methodology for structural design, capable of achieving 
multiple acceptable performance objectives [Ghobarah, 2001]. It should be noted here, 
that the use of the term performance-based design is somewhat misleading since, in 
principle, all past codes are performance-based, as they relate certain design criteria to 
specific limit states [Krawinkler and Miranda, 2004]. What differentiates the 
performance-based from the force-based design approach is that, in the former case, the 
design criteria are explicidy expressed as performance objectives paired with seismic 
hazard levels. 
In line with the performance-based philosophy, two documents developed in the 
United States, the SEAOC Vision 2000 [1995] and the FEMA 356 [2000], aim to form 
the layout of a performance-based design, incorporating various elastic and inelastic 
analysis methods, which can later be implemented in the seismic building codes. The 
main objective of the SEAOC Vision 2000 [1995] is to develop design and rehabilitation 
procedures leading to structures of more predictable seismic performance. The SEAOC 
suggested combination between the performance objectives and the hazard levels for 
buildings is the one shown in figure 2.5. 
Earthquake Performance Level 
Fully Operational Life Safe 
erational 
Near 
o 
Figure 2.5 Recommended seismic performance objectives for buildings (after SEAOC 
Vision 2000 [1995]) 
The FEMA 356 [2000] guidelines, which replace FEMA 273 [1997] and FEMA 274 
[1997], for the seismic rehabilitation of buildings, also define a series of building 
performance levels (structural and non-structural), namely the Operational (OP), the 
Immediate Occupancy (10), the Life Safety (LS), and the Collapse Prevention (CP). A 
broad range of performance objective combinations is allowed. Thus, for instance, the 
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10, LS and CP performance levels can be paired with the 50/50 (mean return period 72 
years), 10/50 (mean return period 475 years) and 2/50 (mean return period 2475 years) 
hazard levels, respectively. The notation x/y used here represents an xO/o probability of 
exceedance in y years. The differences between the two documents in the performance 
levels and the way these are linked to earthquake hazards, reveal that the engineering 
community has yet to agree on their definition and their importance [Krawinkler and 
Miranda, 2004]. FEMA 356 [2000] also provides information on acceptable deformation 
values at the 10, LS and CP performance levels as well as guidelines for the practical 
application of nonlinear dynamic and static analyses, with emphasis being given to the 
latter. Linear procedures are also included but they are subject to several checks to verify 
their validity. 
Eurocode 8 has also moved forward towards a performance-based design 
approach. In its first part [EN1998-1, 2004], which presents the design procedure for 
different types of structures, the fundamental performance objectives are two, namely, 
the 'no-collapse' (ultimate limit state) and the 'damage limitation' (serviceability limit 
state). For these two performance levels, the recommended design seismic actions, for 
structures of ordinary importance, are linked to the 10/50 and 10/10 hazards, 
respectively. These hazards may be modified according to National Annexes. In its third 
part [EN1998-3, 2005], which provides criteria for the assessment and retrofitting of 
existing buildings, a full performance-based approach is presented. Here, three 
performances are defined, namely, the Near Collapse (Ne), Significant Damage (SD) 
and Damage Limitation (DL) levels. These performance levels are coupled with the 
2/50, 10/50 and 20/50 hazards, although, once again, these values may be subject to 
changes as per National Annexes. Additionally, for deformation-controlled behaviour 
the document provides acceptable member deformation values at the DL, SD and NC 
performance levels. Table 2.1 summarises the plastic rotation capacities at the ends of 
steel beam or column sections. The plastic rotation capacity is expressed in terms of the 
yielding chord rotation 6y• The chord rotation is defined as the angle between the 
tangent to the axis at the yielding end and the chord connecting that end with the point 
of contra flexure [EN1998-3, 2005] (see fig. 2.6). Although limit state criteria are 
provided at the element level, on a structural level, EC8 [EN1998-3, 2005] does not 
specify how many hinges in the beams or in the columns have to reach certain capacity 
limits in order for a performance level to be exceeded. 
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Table 2.1 Plastic rotation capacity at the end of beams or columns [EN1998-3, 2005] 
Limit state 
Class of cross 
section DL SD 
1 1.08y 6.0 8y 
2 0.258y 2.0 8y 
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Figure 2.6 Definition of chord rotation 
2.3.2 Damage measures 
NC 
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Drifts are typically used to assess structural damage and their limits are linked to various 
performance levels. Although this is a rather convenient approach, it does not account 
for damage accumulation due to cyclic loading and local failure modes. However, other 
damage measures, such as the Park-Ang damage index [park and Ang, 1985], which do 
account for this type of behaviour, are neither well calibrated, especially for steel 
buildings, nor can be readily associated with specific performance levels. 
In tenns of drift limits, two response parameters are most commonly used, namely, 
the roof drift angle and the interstorey drift angle. The roof drift angle is defined as the 
maximum roof displacement nonnalised by the building height. The interstorey drift 
angle is defined as the maximum over all storeys interstorey drift nonna)jsed by the 
storey height. It is believed that use of the interstorey drift angle is more advantageous 
since, when estimating the roof drift angle, the damage is averaged over the building 
height [piluso et aI., 2004]. This means that in cases where higher mode effects may 
prevail, the roof drift may fail to capture the structural damage. By contrast, the 
interstorey drift angle is considered more closely correlated with demands induced at 
member ~ocal) level as well as to global demands amplified from lateral movements 
associated with P-~ effects. The latter secondary effects may become particularly 
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important in MRFs since, due to their inherent flexibility, drifts may become large 
enough for significant p-~ effects to develop. Although it is widely recognised that 
more research is needed towards the development of a robust quantitative relationship 
between performance levels and drift limits, several documents have been published 
proposing various indicative values [e.g. FEMA 356,2000; FEMA 350, 2000]. 
Drift angle 
Undeformed shape 
Deformed shape 
Figure 2.7 Interstorey drift angle of a frame with rigid connections [FEMA 350, 2000] 
F or the evaluation of capacity in tenus of global parameters such as the roof drift 
angle or the interstorey drift angle, approximate approaches have been also proposed. 
Among others, a widely used approach for estimating the roof drift capacity is the 
pushover analysis. The ultimate roof drift angle ()roof,1I normalised by the yield roof drift 
angle ()rooj,y coincides with the global displacement ductility fJ that can be defined as the 
ability of an entire structural system to defonu inelastically without significant reduction 
of its strength. This can be derived as 
()rooj.1I XII / H XII fJ=--= --
()rooj,y Xy/ H Xy 
(2.4) 
where, XII and .xy are the ultimate and yield roof displacements, respectively and H is the 
height of the structure. It has to be stressed that estimation of the capacity of a structure 
undergoing dynamic excitation by means of a static, albeit nonlinear, analysis can only 
be approximate, since important parameters related to the hysteretic behaviour of the 
structural members, the ground motion characteristics and the changes in the dynamic 
properties of the structure due to the spread of plasticity are being ignored. 
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2.4 Reliability methods 
2.4.1 Reliability and sources of uncertainty 
Reliability is a probabilistic measure of a system's intended performance over a given 
period of time [Ang and Tang, 1984]. Structural reliability may be time-invariant or time-
variant. A typical example of time-dependent reliability pertains to structures subjected 
to ground excitations with other cases involving fatigue, wind loading and corrosion. 
The fundamental problem in a time-dependent analysis is to evaluate the instantaneous 
probability of failure and hence calculate the probability integral [Chryssanthopoulos, 
2002] 
Pf(t) = P[G(X(t)) ~ 0] = J fx(t) (x(t))dx(t) (2.5) 
G(X(t))$;O 
where, fx(!)(x(~) is the joint probability density function of a vector of random variables 
X(~ and G(X(~) is a time dependent safety margin. In a performance-based seismic 
design, failure is related to the situation where the structure fails to satisfy a specific 
performance level. Since direct integration of the integral (2.5) is usually not feasible for 
most practical applications, several approximate methods have been developed. The 
methods for seismic reliability assessment can be summarised in three main categories, 
namely, the FORM-based or asymptotic approximate methods [Chryssanthopoulos, 
2002], the response-surface and the simulation-based methods [pinto, 2001]. 
F or the purposes of a reliability assessment, a range of uncertainties need be 
considered. However, since a large number of uncertainties may be involved in a 
complex system, it is some times expedient to consider only those having a finite 
probability of occurrence [Melchers, 1999]. Uncertainties may be split into two main 
categories, namely, those that are associated with factors which are inherently random 
(aleatoric) and those that can be attributed to incomplete knowledge related to 
modelling (epistemic) [Wen et ai, 2003]. Aleatoric uncertainties cannot be controlled by 
the engineer and can be associated with, among others, material properties and loading 
characteristics. By contrast, epistemic uncertainties arise from the mathematical 
idealisation of the structural system analysed, either intentionally through simplification 
or unintentionally due to lack of knowledge and limited available data. In time, epistemic 
uncertainties can be reduced, as scientific knowledge improves and more powerful 
analytical tools become available. 
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In earthquake engineering, one of the major sources of uncertainty is the loading 
itself. Furthermore, the properties of construction materials, despite recent advances in 
quality control, differ from their nominal values, due to uncertainties related to the 
manufacturing process or to the inherent randomness in material behaviour. Moreover, 
the resistance of structures may vary not only due to material behaviour but also due to 
the uncertainties related to construction practices. A detailed probabilistic seismic 
response analysis should account for all these uncertainties. 
Despite the previously mentioned sources of uncertainty, the use of reliability 
methods, for earthquake applications has remained relatively limited. This can be 
attributed partly to the analytical complexity and computational demands of these 
methods [Der Kiureghian, 1996], and partly to the fact that the detenninistically 
educated engineering community has, until recendy, remained rather reluctant to 
embrace them [pinto, 2001]. 
2.4.2 FORM-based methods 
The asymptotic approximate methods may be divided into two additional sub-
categories. These are the First Order Reliability Methods (FORM) and the Second 
Order Reliability Methods (SORM). Both of these reliability methods rely on the 
determination of the 'design point' or the 'most likely failure point'. In multi-
dimensional standard normal space, this point corresponds to the minimum distance (~) 
between the origin and the failure surface G(X)=O and is therefore associated with the 
highest probability of occurrence [Der Kiureghian, 1996]. The parameter ~ is usually 
referred to as the Cornell reliability or safety index and is defined as [Cornell, 1969], 
(2.6) 
where, Pc and (Jc are the mean and standard deviation of G(X). 
Generally, within the FORM and SORM methodology the failure surface is 
approximated by a first or second order surface respectively (first or second order 
Taylor series expansion), which is relatively accurate in the neighbourhood of the 
'design point'. The accuracy of the methodology depends on the nonlinearity of the 
failure surface. The computation of the 'design point' constitutes a constrained 
optimisation problem leading to an estimation of the minimum distance (~). Once ~ is 
evaluated, the failure probability can be approximated according to, 
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(2.7) 
Eq. (2.7) is a first order reliability method (FORM) where <1>( ) IS the Cumulative 
Distribution Function (CDF) of the standard normal distribution. 
The reliability of a structural system subject to a ground motion can be assessed by 
estimating the probability of G(X)~O within a predefined time interval, which in 
earthquake applications is the duration of the seismic event. The modelling uncertainties 
of this problem involve random variables that are time-invariant, such as yield strengths, 
and time-variant ones, such as the load [Franchin, 2004]. The difficulties in explicidy 
defining the limit state of interest as a function of the load and the basic random 
variables in highly nonlinear time-variant applications, makes the FORM/SORM-based 
methods less attractive when dealing with seismic safety assessment problems. For such 
problems the direct time history / simulation method is often proven to be more 
appropriate [Wen, 2001]. 
2.4.3 Response Surface Method (RSM) 
The Response Surface Method (RSM) is a statistical method, whereby an approximating 
relationship is generated between a response parameter of interest and the most 
pertinent random variables [pinto et aI., 2004]. This relationship is usually a polynomial 
function of maximum second degree and is obtained from a multi-variate regression on 
a data set generated from the computation of the response quantity at a number of 
reference (known as experimental) points. For r variables, a full second order 
polynomial model may be expressed as, 
r r r-1 r 
Y = Ao + ~ A.x. + ~ A..X2 + ~ ~ A..x.x . ~ I I ~ II I IJ I J 
i=1 i=1 i=1 j>i 
(2.8) 
where,y is the response variable of interest, X,) ~ are the input variables, .l.a, Ai' AiJ) Ajj are 
the regression coefficients. Once the response variable of interest is approximated 
through a polynomial, the limit state function G(X) is constructed, and the failure 
probability may be estimated by performing the integration using FORM-based 
methods or even simulation. 
One of the important issues associated with the RSM is the number of analyses 
needed to obtain the data for the construction of the polynomial surface. For this 
reason, methods for the design of experiments are usually employed in order to 
minimise the number of analyses. Several techniques are available in the literature, two 
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of the most well known being the factorial design and the central composite design. In a 
two-level factorial design (see fig. 2.8a), two values (low ~ +1 and high ~=-1) are 
chosen for each random variable Xi. These are symmetrically positioned above and 
below the intermediate value (~=O) [pinto et 01.,2004]. Experiments are then performed 
for 2r combinations (r being the number of random variables) estimating the value of 
each random variable according to, 
X. = 1:.'.(1. + fL. 
t ~ t t It 
where, Pi and (Ii are the mean and standard deviation of the random variable X,, 
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Figure 2.8 (a) Two-level factorial design, (b) Three-level factorial design and (c) Central 
composite design for r = 2 
However, a two-level factorial design is not sufficient for the determination of a 
second order polynomial function. In such case a three-level factorial design (see fig. 
2.8b) may be employed, significandy increasing the number of the required analyses to 
3r• A reasonable compromise to the three-level factorial design for the determination of 
a quadratic response surface is the central composite design (see fig. 2.8c). It involves 
adding to a two-level factorial design, points located at the centre (~=O) as well as two 
points at distance ~ +a along each axis for every random variable, leading to a total 
number of 2r+2r +00 (where 00 is the number of centre points) experiments [Schotanus 
et 01., 2004]. 
The choice of the experimental points is of paramount importance as it affects the 
accuracy of the failure probability estimates. Generally, a larger number of points 
implies a more accurately constructed response surface. This, however implies larger 
computational demands. Successful application of the RSM requires the G(X) being 
relatively regular, so that the polynomial or any other suitable function can fit the data 
reasonably well. Several researchers [e.g. Dymiotis et 01., 1999; Pinto et 01.,2004; Rossetto 
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and Elnashai, 2005; Seo et aL, 2005] have used the RSM within probabilistic assessment 
methodologies for various types of structures, such as steel, concrete and masonry, 
under seismic loading. 
2.4.4 Simulation-based methods 
Simulation methods, usually referred to as Monte Carlo (MC), have been widely used for 
the reliability assessment of structural systems. In general, MC involves sampling from 
the distributions of the random variables and evaluating the response of the system. 
Generation of the random variables from their distributions is commonly performed 
using the inverse transformation method. According to this method, if Fx. is the 
I 
Cumulative Distribution Function (CDF) of a random variable X~ and provided that the 
inverse of the CDF Fx~l can be computed, then Xi will be given as 
I 
(2.10) 
where Wi is randomly generated from the uniform distribution U(O,l). 
When estimating the seismic reliability of a structure, the procedure usually 
involves the performance of several nonlinear time history or static analyses, each 
corresponding to a different structural realisation, and evaluating the response. 
Following repetition of the process a specified number of times, a statistical analysis of 
the simulation results leads to the probabilistic description of the structural response of 
interest. The main advantage of MC is its simplicity and applicability to complex and 
highly nonlinear problems [Wen, 2004] as well as the fact that, at the limit (infinite 
number of samples), the method becomes exact. 
The main disadvantage of MC is the large number of simulations needed in order 
to minimise the variance in the probability estimates typically associated with low 
probability values. This limitation becomes particularly important in problems involving 
nonlinear time history analyses leading to excessive numerical effort requirements. If, 
for instance, the failure probability Pj to be estimated, is in the range of 10-
3 
and the 
desirable confidence level C is 95%, a first estimate of the required number of 
simulations N is more than 3000, based on [Broading et aL, 1964] 
N > _'n~(l_C--,-) (2.11) 
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Since, in many cases, it is impractical to generate such a large number of samples, 
further improvement in the probability estimate may be achieved using variance 
reduction methods. These are, among others, the Importance Sampling (IS), the 
Stratified Sampling (SS) and the Latin Hypercube Sampling (LHS) techniques. For a 
given number of samples, the aforementioned methods aim to reduce the variance of 
the estimated failure probability. 
Briefly, the main idea of the IS method is to generate samples from more 
favourable distributions, having their mean values closer to the design point [A yyub and 
McCuen, 1995]. However, appropriate selection of these new distributions is often not a 
straightforward task and there is always the risk of them being too flat or skewed 
[Melchers, 1999]. By comparison, the main idea of the SS technique is to divide the 
sample space into several regions assigned unequal probabilities, in order to force the 
simulation effort in the most important regions [Ayyub and McCuen, 1995]. 
LHS is a constrained sampling technique which, unlike the IS and SS methods, 
does not rely on the replacement of distributions nor does it require any prior 
knowledge concerning the important variables of the problem. In LHS, the probability 
density function of each random variable is divided into n non-overlapping intervals 
having the same probability of occurrence as illustrated in figures 2.9a and 2.9b. 
(a) x 
(n-1)/n 1------------,7r 
(n-2)/n I----------f 
4/n I--------L 
3/n f------------f 
2In f-------~ 
1/n 1-------:;;;;<' 
OL--~---'--------'-----'-------'------'--------' 
(b) 
Figure 2.9 LHS of size n (a) Probability Density Function (b) Cumulative Distribution 
Function for a random variable x 
From these n non-overlapping intervals, n values are selected at random, one from 
each interval, according to, 
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x 
W (i -1) 
w. = - + -'----.---.:... 
1 
n n 
i-l,2, ......... ,n (2.12) 
where, W is a number generated from a U (0, 1) distribution and Wi is a random number in 
the i Ih interval. Once the Wi values are obtained, the values of a specific random variable 
may be computed using, for example, the inverse transformation method. When the 
model consists of m uncorrelated random variables, due to the increasing order implied 
by Eq. (2.12), their realisations should be further randomly shuffled. 
2.5 Fragility studies 
The tenn seismic fragility FR(t) refers to the conditional, on a measure that describes the 
intensity of the ground motion (usually the peak ground acceleration or the spectral 
acceleration Sa at the structure's fundamental period), probability of exceeding a given 
perfonnance level. Therefore, 
FR (Z) = P[G(X) $; 0 I 1M = Z] = P[C $; D I 1M = Z] (2.13) 
where, 1M is the intensity measure consistent with the specification of the SeiSmIC 
hazard and C and D the structural capacity and demand, respectively. Through this 
approach, engineers, given a seismic scenario, are able to estimate the extent of damage 
in a building and to identify seismic demand levels where there is high confidence that 
the structure will not exceed specific perfonnance limits [Ellingwood et ai, 2004]. Note 
that the seismic fragility evaluation usually employs some sort of numerical algorithm 
(e.g. finite element code) for estimating the structural response, since the latter is 
commonly in the nonlinear range [pinto, 2007] . Various uncertainties, either aleatory or 
epistemic, should be taken into account when perfonning a fragility analysis. Figure 2.10 
depicts generic fragility curves associated with different degrees of uncertainty. 
Apart from its use in identifying demand levels at which there is a high degree of 
confidence on the system not exceeding particular limit states, the fragility fonnulation 
is an essential part in performing a reliability assessment. A point estimate of the 
unconditional limit state probability of failure can be obtained by convolving the 
fragility with the hazard function. Hence 
- - dH(Z)r Pf - f FR(Z) Z 
o dZ 
(2.14) 
where, H(t) is the hazard function. Note that by making a series of assumptions (e.g. 
lognonnal distributions for the demand and capacity; approximation of the spectral 
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acceleration seismic hazard by a power law) integration of Eq. (2.14) can be carried out 
in a closed-form. It is on this basis, that several studies proceed direcdy onto seismic 
risk assessment, which is the evaluation of the unconditional (usually annual) probability 
of exceeding a given limit state. 
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Figure 2.10 Effect of uncertainty on the fragility shape 
Depending on the way used to derive fragility curves, these may be divided into 
four main categories, namely, empirical, analytical, judgemental and hybrid [Jeong and 
Elnashai, 2007]. Although empirical fragility curves may be considered as being more 
realistic and robust, available data is limited to common forms of reinforced concrete 
and masonry buildings. Even in those cases, there are issues associated with local 
intensity measurements, sample homogenisation etc. Analytical fragility curves are a 
potential alternative, though they exhibit a strong dependency on structural modelling 
assumptions and a range of other epistemic uncertainties. Furthermore, there are issues 
related to computational demands and the need for efficient and robust processing of 
results [Wen et aI., 2003]. Judgemental fragility curves are prone to errors induced by the 
subjectivity of the data based on expert opinions. Finally, the hybrid fragilities, which 
combine information obtained from the aforementioned fragility approaches, are 
subject to the inaccuracies of their components. 
In performing an analytical fragility formulation, a probabilistic model of the 
seismic action needs to be determined. This is most frequendy accomplished through a 
set of recorded ground motions [pinto, 2007]. As it is impractical to select actual records 
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that cover the whole range of the inelastic structural response of interest, it is quite 
common to scale the ground motions with respect to pre-selected intensity measures. 
Several intensity measures exist in the literature. The most commonly used in current 
practice, are the Mercalli intensity, the peak ground parameters and the spectral 
ordinates (acceleration, velocity, displacement) corresponding to a structural period 
[Kwon and Elnashai, 2006]. The selection of an appropriate intensity measure is subject 
to its 'efficiency' and 'sufficiency'. An 'efficient' IM is simply one that results in a 
relatively low variability in the structural response given IM. A 'sufficient' IM is defined 
as one that renders the structural response independent of the earthquake magnitude 
and distance [pinto, 2007]. 
Previous studies [Shome et al, 1998] have investigated whether scaling violates the 
basic physics of ground motions. It has been demonstrated by Shome et al [1998] that 
scaling the ground motions using an intensity measure such as the spectral pseudo-
acceleration at the fundamental period of the structure Saef 1) , does not appear to 
introduce bias in the results. Other studies have considered the issue of excessive scaling 
of records [Schotanus et al, 2004] as this is likely to influence the frequency content of a 
record and can result in unrealistic ground motions. 
It is still an issue of considerable debate whether Sa(f1) is the best possible intensity 
measure and ongoing research is considering other alternatives. It should be kept in 
mind that an intensity measure such as the Sa(f1) has inherent drawbacks since it fails to 
capture any higher mode effects as it is based on the fundamental elastic structural 
period, which also changes while the structure undergoes inelastic deformations during 
the earthquake event. However, despite the need for more efficient intensity measures, 
Sa(f1) is considered an improvement over the use of the peak ground acceleration 
[Shome et al, 1998] and, at present, there is no overwhelming evidence to support that 
another intensity measure may be significandy better than Sa (f 1) [Krawinkler and 
Miranda, 2004]. 
Apart from the selection of an appropriate intensity measure, a key issue in the 
derivation of fragility curves is the performance leve~ which needs to be specified and 
correlated with the expected damage. There are several damage models available in the 
literature such as those based on damage indices [e.g. Park and Ang, 1985] or those 
related to local or global ductilities such as peak roof drifts and interstorey drifts (see 
section 2.3.2). 
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Once, the damage and the intensity measure have been identified, the conditional 
probability of Eq. (2.13) may be obtained at increasing intensity levels, by scaling actual 
ground motion records over a range of interest. The scaled ground records are used to 
perform nonlinear time history analyses on geometrically identical but mechanically 
different building idealisations and obtain the statistics for the maximum structural 
response of interest. The number of accelerograms needed to perform an effective 
reliability analysis has been addressed previously [e.g. Dymiotis, 1999; Pinto et al, 2004] 
but still remains a debatable issue. 
2.6 Closed-form fragility formulation ("2000 SAC/FEMA" method) 
The methodology for generating fragility curves described in section 2.5, though 
conceptually straightforward IS computationally demanding. An alternative, 
computationally less intensive fragility methodology is the "2000 SAC/FEMA" method 
[Cornell et al, 2002]. This method is based on the assumption that the structural fragility 
can be represented by a lognormal distribution and that the nonlinear analyses required 
to estimate the structural demand at any given level of ground intensity can be 
performed on a deterministic structural model, thus neglecting the effect of the 
uncertainty associated with frame properties. Justification for this assumption is 
provided by the fact that the uncertainty inherent in structural demand due to random 
ground motion characteristics is significandy higher (e.g. double) than the uncertainty in 
structural capacity [Wen, 2001]. However, an important drawback of the "2000 
SAC/FEMA" method is its inability to account for the spatial variability of mechanical 
parameters, especially when this has a non-negligible effect on the overall uncertainty 
[pinto, 2007]. The effectiveness of the procedure is also questionable in applications 
which involve complex systems with highly nonlinear responses [Wen et al, 2004]. 
As a first step, an approximate relationship is sought between ground motion 
intensity, Sa and the associated demand imposed on the structure, D. Cornell et al [2002] 
suggested that the structural demand may be approximated through a simple power 
function of the form, 
(2.15) 
where, £ is a lognormal random variable with unit median and a logarithmic standard 
deviation Dinc' The constants a and b as well as the standard deviation associated with the 
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scatter, ~ can be determined from a linear regression analysis (of In(D) on In(SJ) on 
the responses obtained from time history analyses using an ensemble of ground 
motions, which can be either natural or synthetic. The ground motions are to be 
selected in such a way that different levels of inelasticity are induced in the investigated 
structural system. Furthermore, they should, where possible, bracket the range of 
intensities expected to contribute to the failure probability associated with any given 
hazard level. 
With regards to steel structures, it has been further established that suitable 
indicators for ground motion intensity and structural demand are, respectively, the 
spectral acceleration SlIt), and the maximum interstorey drift angle O",ilX" Cornell et aL 
[2002] suggest that, for steel frames with moderate periods, a value of b close to unity 
can be considered as an appropriate default value, this also being consistent with the 
equal displacement rule. 
Thus, the cumulative distribution function for the demand, expressed via the 
interstorey drift and conditioned on the spectral acceleration, can be written as 
where, {J (J= Ojn,· 
Assuming now that the structural capacity C, expressed in terms of interstorey 
drift, is also lognormally distributed, the fragility distribution, conditioned on the 
spectral acceleration, may be computed as 
(2.17) 
where, 
(2.18) 
In Eq. (2.17), the total uncertainty in demand and 10 capacity 1S accounted for. 
Furthermore, it has been suggested that epistemic uncertainty components may be 
included in this formulation [Cornell et aL, 2002; Kinali and Ellingwood, 2007]. A 
concise presentation of the main steps of the method can be found in Pinto et aL [2004]. 
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2.7 Fragility applications on steel MRFs 
Previous fragility applications have mainly focused on steel MRFs that were designed 
using u.s. codes. In these studies, particular emphasis was given to the seismic reliability 
of pre-Northridge construction, characterised by brittle connection fractures. In an 
attempt to keep the number of simulations to a minimum in most of these 
investigations the variability of the mechanical parameters was either ignored or taken 
into account in an approximate manner; a different structural idealisation was associated 
to each of the ground motion records used. Reliability studies based on the random 
vibration theory are not discussed here, due to their limited applicability in realistic 
seismic applications [pinto, 2001]. 
An early study on the seismic fragility of steel frames was that of Seya et 01. [1993]. 
Based on a total of 18 earthquake-structure Latin Hypercube generated samples and 
using simulated accelerograms to evaluate the structural responses through nonlinear 
dynamic analyses, fragility curves were obtained for a u.s. 5-storey steel frame, at five 
performance levels. The latter were defined in terms of the system ductility ratio. Yield 
strength and damping variability were accounted for, whereas, bilinear hysteretic 
behaviour was assumed for all structural members. One of the first studies dealing with 
the effect of connection fractures on the demand and reliability of pre-Northridge steel 
MRFs was that published by Luco and Cornell [1998]. The annual probability of 
reaching a limit state was evaluated through nonlinear dynamic analyses performed on a 
structure with randomly spatially distributed early fracturing connections. The material 
properties were assumed to be deterministic. Song and Ellingwood [1999], in their 
study, investigated the influence of randomness in mechanical properties on the seismic 
reliability of a pre-Northridge MRF with welded connections and potential connection 
fractures. The combinations of the seismic and mechanical related uncertainties were 
represented through nine Latin Hypercube samples. An important finding of this study 
was that the seismic demand dominates the overall response variability. A year later, 
Wang and Wen [2000b] published a paper on the reliability evaluation of pre-Northridge 
low-rise steel buildings. In their study material uncertainties as well as connection 
capacity uncertainties related to fracture were accounted for. 
Of the few studies in the literature, on the evaluation of seismic fragility for 
European steel MRFs is that of Piluso et 01. [2004]. The study follows the principles of 
the direct MC simulation method with several building realisations analysed using ten 
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simulated ground motion records. Randomness in material properties, vertical loads and 
earthquake excitation were accounted for. No reference was made to potential 
connection fractures. The study aimed at assessing the influence of different design 
criteria on the seismic fragility of steel :MRF s and concluded that the most important 
source of randomness is the seismic input. A different approach, for assessing building 
seismic fragilities was developed by Seo et 01. [2005] and applied on a steel low-rise U.S.-
designed MRF. The methodology was based on response surfaces for predicting the 
selStn1C response. 
More recenciy, following the principles of a closed-form fragility formulation and 
performing the analyses on deterministic models, Kinali and Ellingwood [2007] 
evaluated the seismic fragilities of two :MRF s, with fully and partially restrained 
connections. Among the latest studies is also that of Liao et 01. [2007 a; 2007b] 
investigating the reliability and redundancy of various U.S.-designed steel :MRFs. The 
study accounted for uncertainties in the material properties as well as in the rotational 
capacity of the joints. For the randomisation of the latter, in particular, a simplified 
model proposed in FEMA 355D [2000], which is based on experimental data, was 
adopted under a normality assumption. Finally, Li and Ellingwood [2008] presented a 
study on the seismic fragility assessment of existing steel :MRFs for different levels of 
welding workmanship quality. The study concluded by proposing a procedure that can 
be used as a basis for evaluating the connection repair cost. 
As can be inferred from the studies presented above, the majority of the research 
work has so far focused on steel buildings typical to U.S. practice, whereas very little has 
been done to assess the reliability of steel :MRF s designed to European standards. 
Moreover, in the numerous studies undertaken on U.S.-designed steel :MRFs only a 
small effort has been put towards understanding and quantifying the effect of 
randomness on material properties and joint rotational capacity within a full 
probabilistic context. The same applies to the various assumptions involved in the 
widely used closed-form fragility methods. 
2.8 Concluding remarks 
This chapter began by reviewing the main design characteristics and failure modes of 
steel MRFs under seismic loading. Particular emphasis was given to the connection 
damages, observed during relatively recent seismic events, as well as through pre and 
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post-earthquake experimental studies. This review revealed that due to the large number 
of the interacting uncertainties involved, resulting in an overall uncertain building 
response, the problem may be treated more efficiendy using probabilistic tools and a set 
of performance and consequence related criteria, which were also summarised here. 
On that basis, the main methods for performing a probabilistic seismic risk 
assessment were presented in the subsequent sections. This summary oudined the 
principles of these methods as well as the nature of information needed for their 
application, and continued with the definition of the seismic fragility. The chapter 
concluded with an overview of past studies on the seismic fragility of the sted MRFs. In 
its majority, this work has been focused on buildings typical to u.s. practice with 
particular emphasis given to the seismic reliability of sted MRF s with britde 
connections. 
Having addressed the problem and reviewed the current state-of-the-art on seismic 
reliability, this thesis aims at devdoping a generic methodology for the reliability 
assessment of sted MRFs, which is currendy lacking. This methodology will be 
developed on the basis of the assumptions being kept to a minimum (mainly related to 
the structural modelling), and will hence form a benchmark against which other 
simplified methodologies will be tested later on in this thesis. Thus, in the next chapter, 
by means of a case study, a fragility methodology is developed and verified, through 
comparisons made between this and earlier studies. 
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Chapter 3 
3.1 Introduction 
Methodology verification studies based on a 
low-rise pre-Northridge steel MRF 
The effect of uncertainty in building response, coupled with the gaps in knowledge 
concerning the behaviour of welded connections under seismic loading, was clearly 
demonstrated following the Northridge and Kobe earthquakes in 1994 and 1995. Thus, 
a considerable number of steel buildings, designed to the latest, at that time, seismic 
codes, were found to have suffered excessive connection damage. In Northridge, in 
particular, approximately 200 steel MRFs were found to contain a large number of 
brittle fractures in their welded beam-to-column connections [Ellingwood, 2001]. 
This chapter investigates the seismic performance and fragility definition of a regular 
steel building. For this structure, which is representative of u.s. pre-Northridge design 
practice, an assessment is carried out accounting for randomness in structural 
properties, as well as ground motion characteristics. Fragility curves are generated using 
the Monte Carlo (MC) simulation technique and performing inelastic time history 
analyses on the sample buildings subjected to a suite of ground records. The records are 
scaled according to the spectral acceleration at the building's fundamental elastic period. 
In short the developed fragility methodology comprises the following main steps: 
a) Generation of sample buildings by means of MC simulation. 
b) Evaluation of the structural responses through nonlinear time history analyses 
using a set of natural accelerograms scaled at increasing intensity levels. 
c) Post-processing of the results to compute 'failure' probabilities, for any given 
event defined as 'failure'. 
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Figure 3.1 'Process' of the developed fragility methodology 
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It should be noted that the tenn 'failure' is used here in a general sense, since it does not 
necessarily refer to structural collapses but to any situation where the structural demand 
exceeds the structural capacity paired with a specific limit state. Figure 3.1 illustrates in a 
qualitative manner the 'process' of the proposed fragility methodology. 
Furthennore, evaluation of the seismic risk by means of a hazard analysis is 
presented. This case study explores the effect that connection fractures can have on the 
building's response, and, through comparison with related u.s. studies, assesses the 
efficiency and robustness of the proposed fragility methodology. 
3.2 Description of the structure 
The structure under consideration is a three-storey steel building designed, as part of the 
SAC steel project, by a U.S. consulting company. The building, designed to UBC [1994] 
as an office building for the seismic zone of Los Angeles and stiff soil conditions, is 
considered as being representative of the typical design practices applied in the United 
States prior to the Northridge earthquake. The building has a rectangular floor plan, 
consisting of four bays at 9.14m in the North-South direction and six bays at 9.14m in 
the East-West direction (see fig. 3.2). 
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Figure 3.2 Plan of the three-storey building indicating the frame considered in the 
analysis 
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The interstorey height is 3.96m. The system to resist seismic loads comprises four 
perimeter welded MRF s, two in each principal direction. The perimeter columns are 
modelled as being fixed, while the internal columns are assumed pinned at their bases. A 
detailed description of this structure is given by Gupta and Krawinkler [1999]. 
3.2.1 Structural modelling 
In this study, for the sake of reducing the computational cost and since the building is 
quite regular in plan and elevation, only half of the building is considered for further 
analysis. The MRF to be analysed, is one of the two in the North-South direction, as the 
gravity beams are orientated along this direction. The frame has three bays, followed by 
a fourth bay with its beams connected through pins to the MRF and to the external 
column, which is placed in a weak axis configuration (see fig. 3.2 and 3.3). Two 
additional columns at the end of the MRF are added to account for the contribution to 
strength and stiffness of half the building's internal gravity frames. Figure 3.3 depicts the 
2-D model idealisation used here, together with the beam and column section sizes. 
The frame was assigned half the seismic mass of the whole structure. The latter was 
estimated by Gupta and Krawinkler [1999] to be 1473t. Masses were lumped at the 
nodes, and, under the assumptions of a composite slab action, horizontal translation 
slaving was used at each floor level. Additionally, a 2% Rayleigh damping [Clough and 
Penzien, 1975] was assumed at the actual first mode period and a reference period of 
O.2sec. 
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Figure 3.3 MRF and model idealisation for p-~ effects 
Modelling of the 2-D frame (see fig. 3.3) is carried out using the computer code 
DRAIN-2DX [prakash et ai, 1993]. The distortion of the panel zones, the shear 
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deformations and the contribution of the floor slab to beam strength and stiffness are 
all neglected. Beam elements are modelled to be elastic, having nonlinear springs at their 
ends. In order to model plastic behaviour and connection fracture, unlike the modelling 
adopted for beams having ductile connections, which usually involves adding rigid 
plastic flexural springs at beam ends, a special zero length fracture element is 
introduced. This element was developed by Foutch and Shi [1997] and forms part of the 
DRAIN-2DX element library. It is essentially a nonlinear spring having a hysteretic 
behaviour capable of capturing the connection response prior to and following damage 
induced by weld fractures (see fig. 3.4). The fracture spring is assigned a very high elastic 
stiffness and a strength, which is equal to the plastic moment of the bare steel beam 
section. The post-yield rotational stiffness of the fracture element is set to 3% of the 
elastic flexural stiffness k of the beam ((1=0.03, see fig. 3.4) [FEMA 355C, 2000], with k 
being given by 
k= 6EI 
L 
(3.1) 
where, E is the Young's modulus for steel, I is the beam's moment of inertia and L is 
the length of the beam. This assumption leads to approximately 3% strain hardening for 
double curvature bending. 
ak 
Plastic Rotation 
Figure 3.4 Steel moment connection hysteresis model 
Figure 3.4 illustrates the main features of the fracture element. The response of the 
undamaged connection is depicted by a bilinear envelope, having its strength assigned to 
beam's plastic moment capacity Mp- The elastic stiffness, as discussed previously, is set a 
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high value, in order for the rotational spring to behave rigidly. The latter approximation 
has no effect on the overall stiffness, which is calculated based on the actual members 
of the structure [F outch and Y un, 2002]. Following fracture, the strength of the 
connection drops to a specified fraction of Mp denoted in figure 3.4 as Mr.!' This drop in 
strength occurs only when the fractured flange is in tension. By contrast, full strength is 
assumed when the fractured flange is in compression. As seen in figure 3.4, fractures are 
captured in both positive and negative bending. The same level of strain hardening is 
assumed throughout the hysteresis, even after the fracture event. 
Column elements are modelled as linear elements, having nonlinear flexural springs 
at their ends (lumped plasticity elements). As in the case of beams having ductile 
connections, these nonlinear springs are rigid plastic, zero-length elements having a very 
high initial stiffness, followed by a 3% strain hardening branch. The point hinge 
approximation is deemed to be reasonable, given that design provisions provide 
sufficient protection against the spread of plasticity within the column. Moreover, the 
axial load-bending moment interaction (P-M) is taken into account and modelled using a 
bilinear interaction diagram. In accordance with Gupta and Krawinkler [1999], under 
strong axis bending, the column's moment capacity is set equal to its plastic moment 
capacity, for axial loads less than 15% of the axial load capacity of the column. By 
contrast, under weak axis bending, the moment capacity is assumed to decrease linearly 
from its plastic value, for an axial load greater than 40% of the axial load capacity. 
Although member P-8 effects are ignored in this study, global P-~ effects are taken 
into account. The latter are associated not only with the gravity loads acting direcdy on 
the MRF, but also to those carried by the internal gravity frames and transferred to the 
MRF through the rigid floor slab. Krawinker and AI-Ali [1996] demonstrated that, in 
the case of structures with potential fractured connections, the contribution of the 
gravity frames to the building stiffness may become of major importance and should 
not be neglected. Thus, in this study, global P-~ effects as well as the contribution of 
the internal gravity frames are taken into account by introducing two dummy columns, 
and hence two additional fictitious spans, to the model (see fig. 3.3). These columns are 
connected to the main frame at the floor levels through rigid beams, the latter having 
hinges at their ends. The fictitious columns are assigned the lumped properties of half 
the building's gravity frame columns. Any contribution to the strength and stiffness due 
to shear connections is ignored. The first dummy column is fixed at its base and has the 
consolidated properties of the fixed columns of half the gravity frames, whereas, the 
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second dummy column is assumed pinned at its base, and similarly has the consolidated 
properties of half the pinned gravity columns of the building. These dummy columns 
are assumed to carry the gravity loads tributary to half the gravity frames of the building. 
The gravity loads are applied as nodal loads, as shown in figure 3.3. 
3.3 Probabilistic modelling 
3.3.1 Yield strength 
In accordance with FEMA 355C [2000], the mean yield strength for the A-36 steel 
beams ctb) is set to its expected value of 339MPa, and similarly, for the A-572 columns 
ct'J to a value of 397MPa. The fact that the actual mean value for the beam yield 
strength is significandy higher than its nominal value (248MPa), as opposed to the 
columns where the same value is only 15% higher than its nominal value, is anticipated 
to violate, in some cases, the strong column-weak. beam requirement and result in 
column hinging under strong earthquake motions [FEMA 355C, 2000]. In line with 
existing literature [Song and Ellingwood, 1999; Wang and Wen, 2000b], all yield 
strengths are assumed lognormally distributed with a Co V of 0.07 OCSS, 2001]. This 
value is based on studies on steel production in the European region from 1970 
onwards OCSS, 2001]. In tenns of spatial variability within the frame, four independent 
and identically distributed (iid) random variables represent the four W sections used in 
the beam members. The same idealisation has been adopted for the yield strength 
variability of the column members. 
3.3.2 Fracture moment 
The reliability of MRFs under earthquake loading is highly dependent on the cyclic 
performance of their connections. For this reason, parameters that are expected to be of 
considerable importance to a building's structural response are the fracture (M) and 
plastic (Mp) moments both of which are random. In the current study, the ratio Mj / Mp 
is assumed to be described probabilistically through the two-parameter Weibull 
distribution as proposed by Matos and Dodds [2001]. 
The distribution proposed by Matos and Dodds [2001] has been found to describe 
well the experimental distribution of fracture moments pertaining to 15 pre-Northridge 
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style connections (see fig. 3.5). The cumulative distribution function of the two-
parameter Weibull distribution has the fonn 
(3.2) 
where, E is the normalised fracture moment at the 63.2% failure probability and y is the 
Weibull modulus. The values proposed by Matos and Dodds for E and yare 1 and 7.5, 
respectively. 
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Figure 3.5 Weibull distribution fit on the experimental data (15 pre-Northridge 
specimens) 
By rearranging Eq. (3.2) it can be readily shown that for E =1, 
M j = M p [-In(1- Pj )}/Y (3.3) 
where, Mp = hb ~b ~I is the plastic section modulus, and Mp is randomised via the yield 
strength hb of the beams. The probabilistic treatment of possible connection fractures 
based on the work of Matos and Dodds [2001] on pre-Northridge connections, is 
believed to be an advancement over past studies, where connections fracture 
characteristics were treated either detenninistically [Luco and Cornell, 1998] or 
probabilistically based on assumed unifonn distributions [Song and Ellingwood, 1999]. 
Thus, for a given realisation of Mr and considering the monotonic part of figure 
3.4, two possible outcomes may be considered. The first corresponds to the case Mjl Mp 
>1 (see fig. 3.6a) and the second to Mri Mp ~1 (see fig. 3.6b). 
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Figures 3.6a and 3.6b apply to potential fractures only in cases of positive bending, 
1.e. fractures in the lower flange. Note that the plastic fracture rotation 0j+ shown in 
figure 3.6a is randomised via Mj and Mp and may be calculated through simple geometric 
considerations. For negative bending, the plastic fracture rotation (Of) in this study is set 
equal to a deterministic value of 0.045rad. This value refers to the joint plastic rotation 
and has been used by Cornell and Luco [1999], in their so called T.B.F. base-case, where 
connection fractures in both positive and negative bending were considered. This value 
is sufficiently high to ensure that most connections fracture initially in the bottom 
flange. 
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Figure 3.6 Moment-Rotation diagram of a fractured connection (a) Mj/Mp >1 (b) 
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With regard to the residual bending strength MrtJ" which is shown in figure 3.4, the 
ratio Mm / Mp is here assigned a deterministic value of 0.3 [Cornell and Luco, 1999] for 
both positive and negative bending, even in cases of 'pre-yield' fractures. Since Mp is a 
random variable, this assumption also renders Mm a fully correlated random variable. It 
has to be noted that in the probabilistic modelling adopted here, all the connections in 
anyone floor are assumed to be identically distributed and fully correlated. This 
assumption, in conjunction with the fact that sections of the same size are assumed to 
have the same yield strength, leads to the same plastic rotational capacity (OJ+) for all the 
connections on the same floor. This is deemed to be a reasonable conjecture given 
normal construction practice. 
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3.3.3 Drift limits 
The definition of performance levels is an essential part in the derivation of fragility 
curves. FEMA 356 [2000] specifies three performance levels, namely, the Immediate 
Occupancy (10), the Life Safety (Lf) and the Collapse Prevention (CP) and associates 
with these interstorey drift angle limits of 0.7%, 2.5% and 5%, respectively. The 
interstorey drift angle is defined as the maximum, over all storeys, interstorey drift 
normalised by the storey height. These deterministic limits are believed to be 
appropriate for the performance evaluation of pre-Northridge steel MRFs [Maison and 
Bonowitz, 1999]. 
According to the FEMA definition, the 10 level corresponds to a damage state 
where the building is safe to occupy following an earthquake, while LS'refers to a state 
in which significant damage was experienced by the structure but the risk for life-
threatening injuries to the occupants remains low. Finally, the CP state describes the 
situation where the structure is on the verge of partial or total collapse under lateral 
loads, albeit still maintaining its ability to support gravity loads [FEMA 356, 2000]. 
Several researchers [e.g. Song and Ellingwood, 1999; Kang and Wen, 2000] have 
adopted similar performance limits. For example, Song and Ellingwood [1999] used 
0.5%, 1 %, 2% and 5% for the purpose of defining serviceability, first yielding, impaired 
function and incipient collapse performance levels, which are in broad agreement with 
the FEMA levels. In the current study, the FEMA 356 limits are adopted for two 
damage measures, namely, the interstorey drift angle and the roof drift angle. Note that, 
the roof drift angle is defined as the maximum roof displacement normalised by the 
building height. 
The aforementioned limits are treated here probabilistically in order to account for 
the epistemic uncertainties associated with the definition of the damage states. Thus, the 
performance limits are assumed lognormally distributed, on account that the lognormal 
distribution is widely accepted for capacity modelling within reliability analysis [Wen et 
aL, 2003]. Furthermore, these distributions are assigned mean values equal to the values 
specified in FEMA 356 [2000] and a Co V of 10% based on engineering judgement. 
Table 3.1 summarises the properties of the basic random variables (mean, 
coefficient of variation and type of distribution) used in this study. 
44 
Table 3.1 Properties of basic random variables 
Random variable Mean CoY Type of distribution 
hb 339 MPa 7% lognormal 
he 397 MPa 7% lognormal 
10 drift angle limit* 0.7% 10% lognormal 
LS drift angle limit* 2.5% 10% lognormal 
CP drift angle limit* 5% 10% lognormal 
Mf/Mp 0.94 16% Weibull 
*Roof or interstorey 
3.4 Deterministic parameters 
For the purposes of the present study, the remaining structural properties are treated 
deterministically. Accordingly, the steel Young's modulus E is assumed equal to 
200GPa, the member dimensions are assigned their nominal values and the mass of the 
structure is set to its deterministic value. Moreover, the damping of the structure (' is 
assumed equal to 2% at the fundamental period and a reference period of 0.2sec, while 
the strain hardening ex. is assumed to be equal to 3%. Although (' and ex. are subject to a 
degree of uncertainty, they are treated deterministically in view of the limited published 
data. 
3.5 Monte Carlo (MC) simulation 
In this study Monte Carlo (MC) simulation is used to generate the random variables 
shown in Table 3.1. Simulation methods have been used in the past in earthquake 
engineering applications in order to evaluate probabilistic structural demands. The 
procedure generally involves the performance of a large number of pushover or time 
history analyses, followed by a statistical analysis of the structural responses [Wen et 01., 
2003]. Here, dynamic inelastic time history analysis is chosen. Following a convergence 
study, all analyses are performed using a time step of O.OOlsec. 
The main disadvantage of MC is the large number of numerical experiments 
needed in order to minimise the variance in the probability estimates. This limitation 
becomes particularly important in nonlinear time history analyses, which lead to 
excessive computational demands. In order to improve the efficiency of the direct or 
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crude MC technique, several variance reduction methods have been proposed in the 
literature, such as Latin Hypercube Sampling (LHS), Stratified Sampling and Importance 
Sampling techniques [Ayyub and McCuen, 1995]. Here, the LHS method is adopted. 
For the purposes of investigating the robustness of the LHS method, a convergence 
study, using an arbitrarily selected ground record (Montenegro 197, see Appendix A), 
was carried out on the sample size. Figure 3.7a shows the probability density function of 
the maximum interstorey drift angle ()mox for the scaled to 0.8g Sa ground record while 
figure 3.7b depicts the fragility curves for the three FEMA perfonnance levels. The 
study revealed that, for the chosen record, 200 samples coupled with a Sa increment of 
O.lg, provided sufficiendy accurate fragility curves for all three examined perfonnance 
levels. 
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Figure 3.7 (a) Probability density functions for various sample sizes (Montenegro 197 
scaled to 0.8g) and (b) fragility curves for different perfonnance levels and sample sizes 
3.6 Reliability formulation 
Seismic fragility FR(t) is a function that describes the conditional, on an intensity 
measure, probability of exceeding a specified detenninistic or random perfonnance 
level. Therefore, 
FR (Z) = P[G(X) SOl 1M = Z] (3.4) 
where, G(X) is the limit state function in terms of the random variable vector X and 1M 
is the chosen intensity measure. 
In order to derive a fragility curve, an appropriate limit state linked to a 
performance level should be specified. As discussed in chapter 2, there are several 
damage models available in the literature (e.g. damage indices, peak roof and interstorey 
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drifts). However, it is generally accepted that, for moment reSlStlng frames, the 
interstorey drift angle provides a good estimate of the expected damage [Kinali and 
Ellingwood, 2007] and a well established compromise between local and global response 
measures. Nevertheless, in this study, fragility curves are presented for both interstorey 
and roof drift angle damage measures. 
When the response statistics are considered in terms of interstorey drifts, the 
building can be treated as a system having all its components in series. Like all series 
systems, failure occurring at anyone of the components will result in system failure. 
Accordingly, and by setting IM=Sa, Eq. (3.4) may be written as 
FR(Z)=P{DLPL -~[ milll~:t)I)]$OIS. =Z} (3.5) 
where, 0 < I < Id and DLpL is the drift angle limit at a given performance level, Id is the 
duration of the ground motion, i is storey level, 1I1{~ is the interstorey drift of the i th 
storey and hjis the storey height. By setting 
Eq. (3.5) can also be written in a more condensed form as, 
FR (Z) = p{Omax ~ DLpL I Sa = Z} 
3.7 Seismic input 
(3.6) 
(3.7) 
In order to account for the variability in seismic input, twenty recorded accelerograms 
are selected from the European Strong Motion Database at Imperial College 
[Ambraseys el al, 2002], all of which form the common seismic scenario for the 
applications of the LessLoss Sub-Project 9 [LessLoss-SP9, 2006]. All 20 ground motions 
pertain to stiff soil conditions and are a combination of large and distant, large and 
close, moderate and close and intermediate records, in an attempt to capture a 
representative range of magnitudes and distances in the European region. 
The records in this study are scaled to the 2% damped spectral acceleration at the 
fundamental elastic period of the structure Slf1, 2%), which is equal to 0.985sec. 
Fragility curves are presented here for 11 ground motions (see Appendix A). Records 
that required excessive scaling (scaling factors in excess of 50) at the maximum Sa of 2g 
considered in this study, were excluded. Some records were also excluded on the basis 
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of the peak ground acceleration being greater than 2g in the high (95-1000/0) failure 
probability range. The concomitant consideration of a limit on pga while scaling to Sa, 
was found to reduce the record-to-record dispersion, highlighting the fact that, while 
scaling to a structure-specific intensity measure, care should be taken so as not to violate 
basic physical ground motion characteristics. The 2% damped elastic acceleration 
spectra of the considered records together with their mean can be found in Appendix A. 
3.8 Results and discussion 
3.8.1 Deterministic analyses 
Modal analysis results of the model, without considering stiffness reduction due to the 
presence of gravity loads, are presented in Table 3.2. Since the mass is lumped at the 
floor levels, considering mass lumping only for the horizontal degrees of freedom, and 
horizontal translation slaving is assumed at each floor, the number of degrees of 
freedom for the modal analysis equals the number of floors of the building. 
Table 3.2 Elastic periods of vibration and mass participation factors 
Mode 
T (sec) 
Mass participation (%) 
1 
0.985 
81.85 
2 
0.297 
14.58 
3 
0.141 
3.57 
The modal periods presented in Table 3.2 compare well to others found in the 
literature for the same building, despite the fact that they involve slightly different 
modelling assumptions. For instance, the standard M1 model, investigated by several 
researchers [e.g. Cornell and Luco, 1999; Gupta and Krawinkler, 1999] during the SAC 
steel project, was found to have a fundamental vibration period of 1.03sec, whereas the 
periods for the second and third mode were estimated at 0.33sec and 0.17sec, 
respectively. The previously mentioned model, which is close to the current modelling 
practices, accounts for p-~ effects associated with gravity loads tributary to the interior 
frames. This is accomplished by introducing a fictitious elastic p-~ column, which is 
given a very high axial but negligible bending stiffness. Such an approach ignores any 
contribution of the gravity frames to the lateral resistance of the building. A refinement 
to the M1 is the M1 + model used by Luco [2002]. The latter incorporates the 
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contribution of the internal gravity frames as well as the contribution of the shear 
connections to the structural behaviour. This is achieved by connecting the MRF to a 
gravity frame which has the consolidated properties of half the building's gravity frames. 
This modelling approach yields a first mode period of O.98sec, and second and third 
mode periods of O.30sec and O.14sec, respectively. 
Following the modal analysis, a detenninistic nonlinear static (pushover) analysis is 
performed in order to identify general response characteristics of the structural system. 
Figure 3.8 illustrates the behaviour of the frame with yield strengths set to their mean 
value, and fully ductile (bilinear, 3% strain hardening) connections. The applied lateral 
forces are invariant throughout the analysis and proportional to the fundamental mode 
displacement shape weighted by the storey masses. 
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Figure 3.8 Pushover curve (Mode 1 lateral force pattern) 
Figure 3.8 shows that the deterministic FEMA limits for the 10, LS' and CP are in 
reasonable agreement with the detenninistic pushover response of the frame. More 
specifically, the drift limit for the 10 was checked against the point of the pushover 
curve where the structure deviates from linearity and it was found to be in reasonable 
agreement. The CP performance level was checked against the point beyond which the 
stiffness of the structure becomes very small and the LS' against a point between the 10 
and the CP performance levels; its exact position was determined based on engineering 
judgement, which in this case involved considering a point which loosely indicates the 
departure from the curve's hardening branch. These points were also found to be in 
reasonable agreement with the FEMA levels. 
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3.8.2 Probabilistic analyses 
Fragility curves are presented in this section based on a series of nonlinear time history 
analyses at different intensities of earthquake excitation. The whole procedure can be 
summarised in three basic steps. The first step involves the generation of 200 sample 
buildings and 200 values for the limits of each perfonnance level The second step 
comprises the nonlinear analyses of these samples subjected to eleven different records, 
which are scaled to Saefl, 2%) within the 0.lg-2g range and incremented by O.lg. The 
final step involves the statistical analysis of the results in order to calculate the failure 
probabilities, at each intensity leveL from the structural responses. 
The results obtained from a total of 44,000 (11x200x20) analyses are here discussed 
with respect to the three FEMA-defined perfonnance levels and two damage measures, 
namely the interstorey and the roof drift angle. It has to be mentioned that a limited 
number of analyses failed due to numerical or dynamic instabilities (run-outs), for high 
levels of spectral acceleration, and are treated here as failures. 
3.8.2.1 Interstorey drift angle limit state 
Figure 3.9 shows, in tenns of the interstorey drift angle (see Eq. (3.7», CP-related 
fragility curves for the selected ground motions considered in this case study. Each 
curve is conditioned on a particular accelerogram, scaled upward in intervals of O.lg in 
accordance with the structure's spectral acceleration, SlT1, 2%), and accounts for 
variability in beam and column yield strength, connection fracture characteristics and 
modelling uncertainty in capacity drift limits. By analysing an ensemble of input 
motions, it is possible to estimate a median curve, which is also shown in bold in figure 
3.9. Clearly, the effect of record-to-record variability on fragility estimation is very 
significant. This might be expected, since highly nonlinear structural response is present 
at this perfonnance leveL and differences in acceleration signature can lead to different 
displacement and damage patterns. Similar trends were obtained by Dymiotis et al 
[1999] and by Kwon and Elnashai [2006] who examined a range of limit states for 
reinforced concrete buildings. 
Figure 3.10 depicts, in tenns of the interstorey drift angle (see Eq. (3.7», the 
fragility curves pertaining to LS perfonnance level together with the associated median 
curve. It can be seen that the record-to-record variability of the fragility curves becomes 
less pronounced compared to the variability observed in the CP limit state. 
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Furthermore, as can be inferred by contrasting the shape of both individual record and 
median curves at the two performance levels (CP and LS), the standard deviation of the 
fragility is smaller at I.J' than at CP level. This implies that, the lower the performance 
level considered, the more deterministic is the resulting fragility curve. This observation 
is further supported when considering the 10 performance leveL again in relation to 
interstorey drift angles, whose corresponding fragility curve is presented in figure 3.11. 
It can be seen that nearly all fragility curves at this level are characterised by an almost 
step response, revealing a high sensitivity to small changes in seismic demand, which for 
this frame occurs in the region of 0.lg-0.3g. 
The almost deterministic response to different ground records shown in figure 3.11 
IS due to the fact that, as shown in the pushover curve, at these intensity/response 
levels, the structure remains by and large elastic and most of the considered uncertain 
parameters do not enter into play. Further and most importantly, for a first-mode 
dominated structure, as the one under consideration, oscillating essentially within the 
elastic range, all records scaled to the same Slft) value yield almost identical results. In 
addition, the above observations highlight the difficulty in quantifying performance 
criteria at low levels of induced nonlinearity, even when those are treated 
probabilistically. Moreover, the results from this study reveal difficulties in estimating 
the dispersion of fragility curves at high damage levels. 
Figures 3.9 to 3.11 demonstrate that in constructing fragility curves both epistemic 
and aleatory uncertainty components need to be considered. In this study, aleatory 
uncertainty is considered through the material properties of the frame, as well as the 
seismic demand, the latter being captured here by considering an ensemble of 
earthquake motions. Epistemic uncertainty is related to the criteria adopted in the 
selection of the particular records from the European Strong Motion Database (number 
and discerning characteristics), and the probabilistic modelling of drift limit for different 
performance states. Other sources of epistemic uncertainty in steel structures include 2-
D models of 3-D structures, idealised member and support conditions, contribution of 
non-structural elements, sampling limitations etc [Wen et al, 2004]. 
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Figure 3.9 Fragility curves for interstorey drift angle obtained at the CP perfonnance 
level 
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Figure 3.10 Fragility curves for interstorey drift angle obtained at the LS perfonnance 
level 
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A study, which was carried by Kazantzi et al [2006], was very similar to the one 
carried out in this thesis. The only difference regarding the structural modelling between 
the Kazantzi et al study and the work presented here was that the case of Mjl Mp ~1 (see 
fig. 3.6b) was not considered and that the Mj IMp ~1 condition was replaced by Mj 
IMp = 1. Comparison between the fragility curves, pertaining to the same ground motion 
records, presented in figures 3.9 to 3.11 and in Kazantzi et al [2006] reveals that the 
evaluated conditional failure probabilities in the latter study, although slighdy lower, as 
expected, are quite similar for most cases. This observation reveals the relative 
insensitivity of the structural responses to individual parameters that define the way 
hysteretic behaviour of britde fractures is being modelled. 
3.8.2.2 Roof drift angle limit state 
In addition to the results obtained using the interstorey drift angle as a controlling 
response parameter, fragility curves are presented here in terms of the roof drift angle. 
Similar trends regarding the fragility dispersion were observed for the 10, Lf and CP 
performance levels. By way of comparison, figure 3.12 depicts the roof drift angle 
median fragility curves together with their interstorey drift angle counterparts. 
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Figure 3.12 Median fragilities for roof and interstorey drift angle damage measures 
As evidenced in figure 3.12, when considering roof drift as a response measure, 
lower failure probabilities are obtained, for the same performance levels, compared to 
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the case where damage is evaluated through the interstorey drift. Such a trend has been 
also reported elsewhere [Song and Ellingwood, 1999]. The higher failure probabilities 
when using interstorey drift angle are related to the generally higher inters torey, as 
opposed to roof drift, values. With reference to this observation, it can be said that even 
for structures being first mode-dominated in the elastic range, such as the one analysed 
here, the roof drift may underestimate the structural damage. This may well become 
more critical in cases where storey drifts are dominated by higher modes, as in the case 
of tall and irregular structures, or in cases where the energy content of the ground 
motion is large at high frequencies. 
3.8.3 Seismic hazard analysis 
The fragility curves derived in section 3.8.2 with respect to different performance levels 
may be combined with the earthquake hazard in order to determine unconditional 
probabilities of exceeding a given limit state. Seismic hazard accounts for the uncertainty 
associated with the ground motion at the specific site where the analysed structure is 
located. Therefore, combination of the fragility curve (usually the median) with the 
annual seismic hazard, leads to the estimation of the annual probability of the structure 
exceeding any specific performance level. In terms of the seismic hazard, Cornell et al 
[2002] suggested that the annual probability of exceeding a given spectral acceleration Sa, 
may be approximated through a power law relationship of the form 
R(S ) = k S -kd 
a 0 a 
(3.8) 
where, kd specifies the hazard decay factor and ko is a scale factor. 
In this study, the derivation of the hazard curve is performed using the three sets 
of the SAC ground motions [Somerville et al, 1997] for the Los Angeles area. Each of 
these sets represents one of the customarily regarded seismic hazard levels, namely 
50/50, 10/50 and 2/50 (the first number indicates percentage probability of exceedance 
and the second the reference period in years) and consists of 20 records. It has to be 
noted that, assuming that earthquakes occur according to a Poisson process, the above 
hazard levels correspond to an earthquake event with a mean return period of 
approximately 72, 475 and 2475 years, respectively. The records were generated for the 
purpose of the SAC steel project by scaling the acceleration histories so that their 
response spectral values match, in a least square sense, the United States Geological 
Survey's counterparts at periods of 0.3, 1.0, 2.0 and 4.0 seconds [FEMA 355C, 2000]. 
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The annual extreme spectral acceleration hazard curve, which represents the annual 
probability of exceeding a specific spectral acceleration for a given period and damping 
(in this case 0.985sec and 2%), is obtained by fitting a curve, of the form described by 
Eq. (3.8), to the median Sa values estimated from the three aforementioned sets of 
ground motions. As shown in figure 3.13 the regression analysis to the median values of 
SaCft, 2%) paired with their annual probability of exceedance for the 50/50, 10/50 and 
2/50 hazard levels, yields a value for the decay factor of 3.2407, and for the scale factor, 
a value of 0.0017. 
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Figure 3.13 Seismic hazard curve 
Using a median spectral acceleration of 1.55g, which is equal to that estimated for 
the records having a 2% in 50 years hazard level (see fig. 3.13), combined with the 
median fragility curve for the interstorey drift (see fig. 3.12), it is straightforward to 
conclude that the CP limit state is reached with a probability of 97.3%. This number 
provides an indication for the extent of damage that should be expected in steel low-rise 
buildings having pre-Northridge connections, in the event of such an extremely rare 
earthquake. A similar calculation, for the case of a rare earthquake event with a return 
period of 475 years (i.e. 10% in 50 years), demonstrates that the Lf performance level is 
violated with a probability of 99% (see fig. 3.12). Table 3.3 summarises the conditional 
failure probabilities for the interstorey drift angle corresponding to the different hazard 
and performance levels. 
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Table 3.3 Failure probabilities for 8max at different hazard and performance levels 
IO 
LS 
CP 
50/50 
100% 
52.4% 
0.6% 
10/50 
100% 
99% 
50% 
2/50 
100% 
100% 
97.3% 
The statistics of Table 3.3 may be interpreted in terms of the low-rise building 
population (steel MRF s with brittle connections) within an area whose seismic hazard is 
given in figure 3.13. Thus, for a rare earthquake event (475 y~ar return period), Table 3.3 
implies that virtually all buildings of this type would violate the LS performance level 
while half of the buildings will be at the point of incipient collapse. Following the 
detennination of the hazard curve, the building's annual failure probability at any 
particular performance level can also be estimated. The limit state probability or the 
probability of failure for a structure exposed to a single hazard can be expressed as 
[Ellingwood, 2001] 
00 
Pf = J fR (Z)H(Z)dZ (3.9) 
o 
where, Z is the chosen intensity measure, here being the spectral acceleration Sa,h(~ is 
the probability density function of the fragility and H(~ is the hazard function. 
In discretised form and taking into account that the intensity measure is Sa, Eq. 
(3.9) can be rewritten as 
Pf = ~)FR(Sa)-FR(Sa,_)]H(Sa) (3.10) 
ADSa; 
where, FR (Sa )is the cumulative distribution function (i.e. the fragility curve). 
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Figure 3.14 compares the calculated annual failure probabilities for the interstorey 
drift angle 8mOX' obtained in this study, with those published elsewhere. The results by 
Luco and Cornell [1998] were arrived at through a probabilistic approach and pertain to 
the same structure as the one analysed here, albeit using a number of different 
modelling assumptions. These assumptions refer to the Ml model (see section 3.8.1) 
with connection fracturing being considered only in the bottom flange. Moreover, 
contrary to the present treatment, where Mf is explicidy calculated, Luco and Cornell 
[1998] assumed a pnon that the probability of any connection fracturing early (i.e. prior 
to reaching M;J is 25% (at 75% of Mp). Connections not fracturing early were set to 
fracture at a plastic rotation of 0.015rad. Following fracture, the bending strength of the 
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fractured flange in tension was assigned a deterministic value of 30% of ~ as in the 
present study. The mechanical properties were treated deterministically with the 
exception of the location of the pre-maturely fractured connections, which was 
randomised by assuming mutual independence of the connections. A different building-
connection pattern idealisation was paired to each earthquake record used in the 
dynamic analyses performed by the authors. Uncertainties in median drift capacity were 
also considered by Luco and Cornell [1998]. More specifically, the interstorey drift 
capacity was assumed to possess a "CoV", corresponding to the standard deviation of 
the natural logarithms, of 0.1 and 0.4. For the dynamic analyses as well as for the 
purpose of estimating the hazard curve, 30 of the SAC earthquake records [Somerville et 
ai, 1997] coupled with two hazard levels, were used. Probability estimates were also 
provided for building idealisations having ductile connections. These are also shown in 
figure 3.14. 
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Figure 3.14 Annual failure probability for Omax 
In an attempt to explain the differences shown in figure 3.14, one may argue that 
the assumptions adopted by Luco and Cornell [1998] are more optimistic than those of 
the present study, both in terms of the amount of the induced potential damage, as well 
as in the way the problem's uncertainties are treated. Overall, it may be inferred from 
figure 3.14 that there is a clear decreasing trend in the variation between the annual 
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failure probabilities estimated by the two studies, while movtng from high to low 
interstorey drift angles. Thus, given discrepancies in the assumed mechanical properties 
and the adopted probabilistic methodologies between different studies, it may be 
expected that the evaluated failure probabilities will differ by a factor of up to eleven for 
high response demands. For moderate deformation demands though, this factor is 
expected to be 4 or less. 
Comparison between the present study and the work of Song and Ellingwood 
[1999] is less direct since the estimates for the annual failure probabilities refer to a 4-
storey, single bay MRF and obtained using a seismic hazard curve derived from the 
NEHRP map of spectral accelerations for the seismic zone of Los Angeles. The Song 
and Ellingwood [1999] results presented here pertain to recorded ground motions. The 
4-storey MRF was modelled by the authors with pre-Northridge connections having 
pre-yield fracture capabilities (approximately 66.9% probability was assumed for anyone 
connection fracturing pre-maturely) and ignoring fractures in negative bending. The 
ratio to which the moment drops following fracture was randomised following a 
uniform distribution. The connections within the MRF were assumed independent and 
identically distributed. Results in the Song and Ellingwood [1999] study were obtained 
from nine Latin Hypercube samples, with several material parameters as well as the 
damping being treated as random. Failure probability estimates were also provided for 
building models with bilinear hysteretic connection behaviour. Differences between the 
present and the aforementioned study may be attributed to the different building 
configurations, as well as to sample size and connection behaviour modelling issues. It 
is also evident from figure 3.14, with reference to results of the current study, that 
estimates are more sensitive, for drifts close to the 10, to the way in which the capacity 
of the structure is treated (deterministic vs probabilistic). 
Table 3.4 summarises this study's annual failure probability estimates of exceeding 
the interstorey «()maJ and the roof drift angle capacities, at the three performance levels, 
along with the corresponding reliability indices (~). As expected, for the hazard curve 
shown in figure 3.13, and in view of the fragilities shown in figure 3.12, the annual 
failure probabilities pertaining to the roof drift angle are lower than their interstorey 
drift angle counterparts. 
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Table 3.4 Annual failure probabilities and reliability indices for the three FEMA 
perfo~celeve~ 
Annual Failure Probability Annual Failure Probability 
(Interstorey drift angle) (Roof drift angle) 
CP 2.38x10-3 2.8 1.20x10-3 3.0 
LS 1.31x10-2 2.2 7.36x10-3 2.4 
IO 1.38x10-1 1.1 8.55xlO-2 1.4 
3.9 Concluding remarks 
In this chapter, time history, nonlinear analyses of a three-storey, four-bay welded steel 
MRF were carried out probabilistically, considering the effect of connection fractures on 
the seismic structural response. Fragility curves were obtained in terms of the interstorey 
and roof drift angles with the building being subjected to a number of ground motion 
records selected from the European Strong Motion Database [Ambraseys et ai, 2002]. 
The records were scaled according to the spectral acceleration at the building's 
fundamental elastic period. The fragility curves were generated for three probabilistically 
defined perfo~ce leve~, encompassing the possible damage states of the building. It 
was found that the ground motion characteristics have a profound influence on the 
dispersion of the fragility curves, especially at the CP perfo~ce level. The study has 
demonstrated the difficulty in quantifying performance criteria at low lev~ of induced 
nonlinearity, due to the almost deterministic response. 
Comparison of the results to those of other studies was carried out in terms of 
annual failure probabilities, which were estimated through a hazard analysis. Given the 
wide range of different modelling assumptions, the present results were found, in most 
cases, to be in broad agreement with those reported e~ewhere [Luco and Cornell, 1998; 
Song and Ellingwood, 1999]. 
Overall, the objective of this case study was to (a) develop an appropriate structural 
model coupled with a probabilistic methodology for the determination of fragility 
curves and (b) establish their robustness through comparisons with results published 
elsewhere. In the next chapter the developed fragility methodology is applied to a mid-
rise steel MRF designed to Eurocode 8 provisions. This application aims to quantify the 
notional reliability levels of a Eurocode 8-designed, steel MRF at different perfo~ce 
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levels and to explore the effect of the joint rotational capacity on the frame's seismic 
fragility. 
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Chapter 4 
4.1 Introduction 
Fragility and hazard analysis of a mid-rise 
steel MRF designed to EC8 
The fragility methodology presented and verified in chapter 3 is applied to a mid-rise 
steel MRF, designed to EC8. Currenciy, fragility studies on European steel Moment 
Resisting Frames (MRFs) are lacking, with the majority of the work being focused on 
buildings, which are representative of U.S. design and construction practices [e.g. Luco 
and Cornell, 1998; Song and Ellingwood, 1999; Wang and Wen, 2000b; Kazantzi et til, 
2006; Kinali and Ellingwood, 2007]. Since European design and construction practices 
are quite different to their North American counterparts, the present study begins with 
an overview of experimental research on the cyclic behaviour of alternative connection 
typologies, likely to be encountered in European steel MRFs. 
The results presented here are related to experiments performed on rigid 
connections, which tend to display stable hysteretic characteristics. The reviewed 
database, therefore, consists of tests on fully welded connections (fig. 4.1a), on 
connections bolted and welded on site (fig. 4.1b) and on bolted connections with 
extended end plates (fig. 4.1c). This review is followed by a regression analysis leading to 
an empirical equation for the evaluation of the total (i.e. beam plus panel zone) plastic 
rotation capacity of beam-to-column joints as a function of the beam depth. 
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Figure 4.1 Typical rigid beam-to-column joints 
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Further, the effect of joint ductility and failure on structural response is quantified, 
within a probabilistic context, through the seismic reliability assessment of a mid-rise 
steel frame designed to Eurocode 8. The variability in structural demand is estimated at 
increased ground-shaking intensity levels and fragility curves are derived, using an 
ensemble of European records, for three different performance levels. Finally, the 
seismic risk is evaluated by convolving the median fragilities with the seismic hazard 
scenario for the city of Reggio Calabria in southern Italy. 
4.2 European experimental studies 
The experimental data presented in this section refer to specimens representative of 
beam-to-column rigid connection typologies likely to be found in European steel MRF s 
(see fig. 4.1). In these studies, researchers adopted different experimental set-ups, 
ranging from beam-to-column sub-assemblies for assessing the behaviour of exterior 
[Ballio et aI., 1987; CEC, 1992; Mele et aI., 2003] or interior [CEC, 1992; Dubina et aI., 
2001] joints, to tests carried out on a full-scale MRF [faucer et aI., 1998; Taucer et aI., 
2000]. Further differences within the selected data set relate to joint configurations, the 
criteria adopted for defining failure, the magnitude of the axial load applied on the 
column, and differences in column section size. One of the few common features is that 
all the tests reported here were performed under increasing amplitude loading histories. 
Despite these differences, results obtained from five separate studies are discussed and 
analysed further in terms of the recorded joint rotation at failure. Due to the different 
design and construction practices, no reference is made to studies carried out in the 
USA and Japan. 
4.2.1 Tests by Ballio et al. [1987] 
The experimental study performed by Ballio et al. [1987] in the mid-1980s endeavoured 
to investigate the cyclic behaviour of various steel beam-to-column joints. Following the 
ECCS recommendations [ECCS, 1986], fourteen beam-to-column specimens 
representing four different connection typologies were tested under an increasing 
amplitude loading history. All the joints were full-scale and effectively represented 
exterior joints with column web stiffeners. The column and beam sections used in all 
the tests were IPE 300 (300mm depth) European steel profiles. An axial load of 
62 
approximately 1/3 of the nominal collapse load was imposed on the columns. Of the 
fourteen specimens tested, the two fully welded (D 1 and D2) and the four bolted end 
plate (Cl, C2, C3 and C4) joints are discussed here. The remaining specimens are not 
considered due to high flexibility and early slippage (premature loss of stability in the 
hysteresis loop). 
Specimens of type C were end plate joints in which the column flanges and web 
thicknesses were increased in the joint region. The top and bottom column flange plates 
had a thickness of 20mm for C 1 and C2 joints, whereas for joints C3 and C4 the plate 
thickness was increased to 30mm. Joint C2 was identical to joint Cl, apart from the 
addition of two stiffeners on the beam web. The same stiffeners were also added to 
joint C4. In the case of joint C3, the beam web stiffeners were placed close to the beam 
flanges instead of being continuous. Type D joints were fully welded. The difference 
between Dl and D2 was the addition of two column web doubler plates on specimen 
D2. The observed failure modes varied from weld fractures (C2 and C4) to beam local 
buckling (Cl, C3 and D2) and excessive panel zone shear defonnations (Dl). 
4.2.2 The SRCS (Seismic Resistance of Composite Structures) study [CEC, 1992] 
Stemming from the collaboration of five European universities, the SRCS study [CEC, 
1992] focused on the seismic behaviour of composite sections but also involved several 
tests on bare steel specimens. Only the latter are discussed here, and, in particular, eight 
tests that were carried out at the Politecnico di Milano on full-scale specimens. The 
sections used in all experiments were HEB 300 and HEA 260 (250mm depth) for the 
columns and beams, respectively. All specimens were subjected to a series of increasing 
amplitude cycles in accordance with the ECCS recommendations [BCCS, 1986]. 
Column web stiffeners were used in all but one joint 04), in which the stiffeners were 
replaced by two exterior plates welded to the end of the column flanges. 
Of the eight tests considered here, four refer to beam-to-column typologies 
encountered in exterior joints (Cl, Dl, El and Fl), while the rest (Il, Jl, J4 and Kl) 
were deemed to represent interior beam-to-column joints. Joint Cl was constructed 
using two cover plates, which were fillet welded to the beam and column flanges. The 
beam web was bolted to a plate which was then welded to the column flange. Specimen 
D 1 was a bolted joint comprising a 44mm thickness extended end plate, which was 
connected to the column flange with eight bolts and fully welded to the beam. Column 
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web stiffeners were placed at the beam flange levels. Specimen El was a fully welded 
joint as was joint Fl whose beam flanges were reduced in width to force plastic hinge 
formation within the beam. 
With regard to the four specimens representative of interior joints, specimen I1 had 
the beam flanges welded to the column flange and the beam web bolted on one of its 
sides to a plate, which was welded to the column. Specimens Jl, with column web 
stiffeners located at the level of the extended end plate, and J4, with two exterior 
doubler plates, were both joints in which the beam was fully welded to an extended 
SOmm end plate. The end plate was bolted with four bolts to the column flange. Finally, 
specimen Kl was a bolted end plate joint with the beam fully welded to a 40mm 
thickness extended end plate. The end plate was bolted to the column flange with four 
bolts and reduced beam flanges were used to force plastic hinging in the beam section. 
Specimen Kl also had web stiffeners, which were located at the top and bottom of the 
end plate. It is worth mentioning that various failure modes were observed during 
testing, with plastic hinging occuring in beams (Dl, El and Fl), connections (Cl and 
J4) and panel zones (Cl, El, Fl, I1, Jl and Kl). In general, the hysteretic behaviour 
monitored during the cyclic tests was regular, with limited strength degradation, which 
was more pronounced in the hysteretic loops of specimens Dl and Fl. 
4.2.3 University of Timisoara tests [Dubina et al., 2001] 
As part of the European research project COPERNICUS, the University of Timisoara 
[Dubina et al, 2001] tested a series of full-scale, beam-to-column connection typologies 
(all sub-assemblies representative of interior joints) under symmetrical and anti-
symmetrical cyclic loading. Only the specimens subjected to anti-symmetrical loading 
(following the ECCS recommendations [ECCS, 1986]) are reported here, as this type of 
action is thought to be more representative of earthquake loading. The steel sections 
used for all the specimens were IPE 360 (360mm depth) for the beams and HEB 300 
for the columns. The connections considered here were two fully welded connections 
(XU-Wl and XU-W2) and two connections (XU-CWPl and XU-CWP2), which were 
constructed with welded cover plates and a welded, to the column flange, web plate on 
which the beam web was bolted. For all tested specimens, column web stiffeners were 
used. Failure modes involved brittle fracture of beam flanges (XU-Wl and XU-W2) and 
excessive cracking of panel zones (XU -CWPl and XU -CWP2). 
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4.2.4 Instituto Superior Tecnico tests [Mele et aJ., 2003] 
An experimental program investigating the cyclic behaviour of typical European region 
beam-to-column joints was carried out at the testing laboratories of 1ST, Lisbon [Mele et 
ai., 2003]. Both fully welded (rigid) as well as top and seat with web angle (semi-rigid) 
connections were tested under different loading histories. As was mentioned previously, 
only the fully welded connections subjected to the cyclic, stepwise increasing amplitude 
loading history recommended in ECCS [ECCS, 1986] are considered here. The beam 
sections of the three, in total, specimens, considered to be representative of external 
joints, were IPE 300 (300mm depth). The column section size was HEB 160 for 
specimen BCCSC, HEB 200 for specimen BCC6C and HEB 240 for specimen BCC8D. 
F or all the specimens, the column webs were stiffened. With regard to cyclic behaviour, 
specimens BCCSC and BCC6C were found to display a very stable hysteretic response 
almost up to failure, which was caused through fracture of the beam flange close to the 
weld location. By contrast, strength degradation was evident in the hysteretic loops of 
specimen BCC8D, as a consequence of early local buckling in the beam flanges and 
web. This specimen finally failed due to fracture of the buckled beam flange. 
4.2.5 The SteelQuake project [Taucer et aJ., 1998; Taucer et aJ., 2000] 
In addition to tests carried out on beam-to-column sub-assemblies, tests have also been 
carried out on the connections of a full-scale, 3-D, MRF. These tests were conducted at 
the European Laboratory for Structural Assessment of the Joint Research Centre at 
Ispra as part of the SteelQuake project [Taucer et ai., 1998; Taucer et ai., 2000]. The 
tested structure was a two-storey, one-bay MRF, with a storey height of 4m and a beam 
span of 8m in the direction of testing and 3m in the transverse direction. The beams in 
the direction of testing were IPE 400 (400mm depth) European steel profiles, whereas, 
the columns were HEB 300. The beam-to-column connections were fully welded and 
designed in accordance to standard European practice. F or the South frame 
connections, the backup bars, which were used for welding the bottom flanges, were left 
in place. For the North frame, backing bars were removed and the bottom flanges 
cleaned from impurities and finished using fillet welding. Column panels were stiffened 
both horizontally, at the level of the beam flanges, as well as in a K-shaped 
configuration. The concrete slab, which acted compositely with the beams, was stopped 
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at a certain distance from the frame edges in both directions, in order to ensure non-
composite action in the vicinity of the joint. 
The frame was subjected to pseudo-dynamic as well as cyclic tests. Here, only the 
results of the global cyclic test are reported, since this type of testing was aimed at 
inducing damage to the frame. The applied loading was displacement-conttolled, 
following a non-monotonic increase in amplitude, with a maximum imposed 
displacement at the second storey of OAm (roof drift 5%). Although all connections 
experienced inelastic defonnations, only three out of the eight connections (Level 1 SE, 
Level 1 NW and Level 2 NE) failed in a brittle manner with fractures being reported 
along the plane of the top or bottom beam flange weld. 
4.2.6 Ultimate rotation capacity 
The results of the tests discussed in sections 4.2.1-4.2.5 are here further analysed in 
relation to the total (beam and panel zone) plastic rotation capacity OJ Table 4.1 presents 
the value of Of for a total of 24 specimens. Overall, the specimens shown in Table 4.1 
exhibit a satisfactory performance, with most specimens achieving large rotations prior 
to reaching a pre-defined failure state. It has to be noted that the values reported in 
Table 4.1 are related to a wide variety of failure mechanisms ranging from weld fractures 
to beam flange buckling. 
Notwithstanding the differences between the specimens in terms of their column 
section and applied column loading, connection typology (welded-bolted) and stiffener 
arrangement, here, in line with previous pertinent studies [FEMA 355D, 2000; Mele, 
2002], the total plastic rotation capacity of the joints is plotted against the beam depth, d 
(fig. 4.2). The three specimens, which exhibited rotations in excess of 10% radians are, 
here assumed to fail at the 10% threshold. As shown in figure 4.2, the plastic rotation , 
capacity tends to decrease with larger beam depths. A linear regression analysis of the 
test data yielded the following equation for the total plastic rotation capacity of the joint 
Of e/o rad) with respect to the beam depth, d (mm): 
Of = -o.0258d + 13.965 (4.1) 
The applicability of Eq. (4.1) is restricted to beam depths ranging between 250mm 
and 400mm and, as a consequence, the predicted Or values, depending on beam depth, 
range between 7.52% and 3.65% radians. From a similar type of analysis, based on 
European experimental studies on welded moment resisting connections, Mele [Mele, 
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2002] estimated the rotation capacity, for the same range of beam depths, to be between 
7.47% and 5.15% radians. The discrepancy between the above two predictions at the 
higher end of the beam depth range is attributed to the consideration by Mele of fewer 
experiments (nine tests in total of which eight were in the 250-30Omm beam depth 
range) and of a single outlier (at 600mm beam depth), which strongly affected the slope 
of the regression line. 
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Figure 4.2 Total plastic rotational capacity (0) vs beam depth (d) 
A linear relationship between rotation capacity and beam depth represents an 
oversimplification, since a number of other parameters inherent within the tested 
specimens would have a significant influence on the rotational capacity. Table 4.1 
attempts to capture some of these influences. It is also points to the limited test data 
that are currently available, and the lack of common features and/or testing procedures. 
Clearly, there is a significant scope for further research in this area. 
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Table 4.1 Summary of results from experimental studies 
Beam depth Column Type1 Additional characteristics ~ Criterion for ~ TestID Ref. 
[mm] section [% rad] 
250 HEB300 b wdded cover plates 6.48 Full three C1 [CEC,1992] 250 HEB300 c none 6.31 
cycles without D1 [CEC,1992] 250 HEB300 a none 7.36 fracture or E1 [CEC,1992] 250 HEB300 a RBF2 8.88 testing Fl [CEC,1992] 250 HEB300 b none >10 equipment 11 [CEC,1992] 
250 HEB300 c column web stiffeners at end plate level >10 capacity J1 [CEC,1992] 
250 HEB300 c no column web stiffeners, exterior doubler plates 3.19 exceeded J4 [CEC,1992] 
250 HEB300 c column web stiffeners at end Elate level, RBF2 >10 K1 [CEC,1992] 
300 IPE 300 c column flanges/ web thickened 7 Cl [Ballio ,t aL, 1987] 
300 IPE 300 c column flanges/web thickened, BWS3 5 Fracture or C2 [Ballio It aL, 1987] 
0'\ 300 IPE 300 c column flanges/web thickened, BWS3 5 excessive local C3 [Ballio,t aL, 1987] 
00 300 IPE 300 column flanges/web thickened, BWS3 6 buckling C4 [Ballio ,t aL, 1987] c 
300 IPE 300 a none 8 D1 [Ballio ,t aL, 1987] 
300 IPE300 a doubler Elates 7 D2 (Ballio ,t aL, 1987] 
300 HEB 160 a none 5.5 Fracture or BCC5C [Mele ,t aL, 2003] 
300 HEB200 a none 4.5 10% strength BCC6C [Mele ,t aL, 2003] 
300 HEB240 a none 3.9 degradation BCC8D (Mele ,t aL, 2003] 
360 HEB300 a none 5 XU-WI [Dubina ,t aL, 2001] 
360 HEB300 a none 4.9 50% drop in XU-W2 [Dubina ,t aL, 2001] 
360 HEB300 b wdded cover plates 6.2 strength XU-CWPI [Dubina ,t aL, 2001] 
360 HEB300 b wdded cover Elates 5.8 XU-CWP2 [Dubina ,t aL, 2001] 
400 HEB300 a K-shaped column web stiffeners 3.26 Zero or Levell SE [fauceretaL,1998] 
400 HEB300 a K-shaped column web stiffeners 4.31 negative Levell NW [faucer ,t aI., 1998] 
400 HEB300 a K-sha~d column web stiffeners 2.55 stiffness Level2NE [faucet,t aI., 1998] 
1 See fig. 4.1 
2 Reduced Beam Flanges 
3 Beam Web Stiffeners 
4.3 Mid-rise MRF designed to EC8 
The purpose of the preceding review and the derivation of an empirical relationship for 
the total plastic rotation capacity as a function of the beam depth, was to examine the 
effect of joint ductility and potential failure on the seismic response of an EC8-designed 
frame [prEN1998-1, 2002]. Thus, this part of the study focuses initially on the design 
philosophy adopted by EC8 followed by an investigation on the influence of joint 
rotation characteristics on the fragility of a regular, mid-rise steel MRF. 
The assessment is carried out within a probabilistic framework by explicidy 
accounting for the uncertainty in structural capacity due to variability in material 
properties, randomness in global joint characteristics and in structural performance 
limits. In line with the work presented in chapter 3, uncertainty in seismic demand at 
any given level of ground shaking intensity is also taken into account here by 
considering an ensemble of European ground records. The structural response is 
obtained through inelastic time history analyses of randomly simulated building 
realisations, which are subjected to the ensemble of ground records, scaled from low to 
high intensities with respect to spectral acceleration. Fragility is accordingly estimated by 
evaluating 'failure' probabilities, defined as probabilities of exceeding any particular 
performance level at any given intensity level. 
Although computationally intensive, the validity and robustness of the fragility 
methodology has been verified in chapter 3 as well as in studies related to reinforced 
concrete [Dymiotis et al, 1999]. 
4.3.1 Design philosophy of EC8 
The primary scope of all earthquake design codes is to ensure that, in the event of 
earthquakes, structural collapses are limited to avoid human losses. Modem codes in 
recognition of the fact that this can be only partially achieved, aim mainly at, for seismic 
events of certain severity, limiting the risk of human losses within acceptable by the 
community levels. 
Several performance levels are considered by different codes while designing for 
earthquakes. In Eurocode 8 [EN1998-1, 2004] two fundamental levels are being 
checked, namely the 'no-collapse' (ultimate limit state) and the 'damage limitation' 
(serviceability limit state). For these two performance levels and for structures of 
ordinary importance, the recommended design seismic actions pertain to 10% in 50 
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years (return period 475 years) and 10% in 10 years (return period 95 years) probability 
of exceedance, respectively. The 'no-collapse' performance objective aims at limiting 
human losses under a rare earthquake event. This implies that, although may be 
significantly damaged after the earthquake, the structural system should maintain its 
ability to resist gravity loads as well as lateral loads associated with strong aftershocks 
[Fardis et aI, 2005]. The 'damage limitation' performance level aims at limiting the 
structural and non-structural damages under frequent earthquakes, to the extent where 
the structural system following the earthquake event remains serviceable as well as easily 
and economically repairable. 
F or a structure to satisfy the 'no-collapse' performance objective, it is not required 
to remain elastic under the design earthquake. In fact, it is recognised in Ee8 that, in 
order to achieve an economical design, inelastic deformations need to be developed, 
provided that the integrity of both individual structural members and the system itself is 
not undermined. This requirement for inelastic ductile performance is incorporated in 
the design procedure through the behaviour factor q, which characterises the ability of a 
structural system to dissipate energy [Elghazouli, 2005]. This in turn implies that high 
values for the behaviour factor, correspond to highly nonlinear behaviour, whereas for a 
linear elastic system the behaviour factor is equal to one. 
Ee8 [EN1998-1, 2004] specifies two linear and two nonlinear methods that can be 
used for evaluating the seismic performance of a structural system. The linear methods 
are the 'lateral force method of analysis' and the 'modal response spectrum analysis' and 
incorporate the anticipated nonlinear behaviour through q. The nonlinear methods are 
the 'non-linear static (pushover) analysis' and the 'non-linear time history (dynamic) 
analysis'. For ordinary buildings, and, for small to medium-sized civil engineering 
structures usually the linear methods are used for the seismic design. 
Despite the fact that Ee8 [EN1998-1, 2004] defines the 'modal response spectrum 
analysis' as the reference method for the seismic design, the 'lateral force method' 
remains the most widely used method among structural engineers [Fardis et aI, 2005]. 
However, the applicability of the latter is subject to two constrains, one with respect to 
the regularity in elevation and another with respect to the fundamental period of the 
building being less than two seconds and less than four times the comer period Tc of 
the elastic spectrum. Both conditions aim to ensure that the structural response is 
governed by the fundamental mode of vibration. On the other hand, the applicability of 
the 'modal response spectrum analysis' is unconditional. 
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In order to design a building using either the 'lateral force method' or the 'modal 
response spectrum analysis', a design spectrum is needed to represent the seismic action. 
The design spectrum may be obtained by appropriately modifying through q the elastic 
response spectrum. EC8 defines the elastic response spectral acceleration Se, as a 
function of the vibration period of a linear single-degree-of-freedom-system and the 
design ground acceleration ag on soil type A (Rock). The horizontal elastic response 
spectrum defined in EC8, is composed of four branches and accounts for the influence 
of local ground conditions through the consideration of five ground types ranging from 
A to E [EN1998-1, 2004]. In addition to a region's soil conditions, EC8, by defining 
two spectral shapes, considers also its seismicity. Thus, type 1 is recommended for those 
high and moderate seismicity regions affected by earthquakes of surface wave 
magnitude Ms> 5.5, while type 2 for regions affected by smaller events (low seismicity 
regions). Figure 4.3 depicts the type 1 (see fig. 4.3a) and type 2 (see fig. 4.3b) 5% 
damped elastic response spectra normalised by ag' for ground types A to E. The elastic 
response spectra for values of viscous damping different to 5% may be obtained 
through the consideration of the damping correction factor Y) (Y)=1 for 50/0 viscous 
damping). In a similar manner, though without varying with the soil conditions, EC8 
defines the vertical acceleration response spectrum to account for the vertical 
component of the seismic action. 
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Figure 4.3 EC8 elastic response spectra for ground types A to E: (a) Type 1 and (b) 
Type 2 (5% damping) 
As mentioned previously, the use of a linear method of analysis requires the use of 
the design response spectrum, which modifies the elastic spectrum through q. For 
regular, in elevation, steel moment resisting frames, Ee8 [EN1998-1, 2004] specifies 
reference values for the behaviour factors that range between 4 and 5aj at 
corresponding to medium and high ductility classes, respectively. The ratio aj at 
depends on the redundancy of the structural system and varies from 1.1 for portal 
frames to 1.3 for multi-bay, multi-storey buildings. 
In the 'lateral force method' a linear static analysis is performed under a 
distribution of horizontal seismic forces. The analysis of a structural system is 
performed separately on 2-dimensional models one in each principal direction. In the 
'modal response spectrum analysis' an eigenvalue analysis needs to be carried out, 
usually on a 3-dimensional model. The base shear is then estimated for each mode using 
the spectral ordinates, obtained from the design spectrum at each modal period. These 
peak modal responses may then be combined using a combination rule (e.g. square root 
of sum of squared modal contributions, SRSS) to estimate the maximum base shear. 
Following the analysis of the building, using one of the methods described 
previously, the design of the members may be carried out. The primary design objective 
of Ee8 for MRFs (steel or concrete) is to prohibit the formation of plastic hinges in the 
columns. From this requirement are excluded, the base of the frames, the top level of 
multi-storey buildings and the single-storey frames. To satisfy the aforementioned 
design requirement, the code requires the columns being designed stronger than the 
beams framing at the joints (strong columns-weak beams), with an overstrength factor 
of 1.3. In addition, for steel moment resisting frames, Ee8 [EN1998-1, 2004], aiming at 
the desirable 'strong column-weak beam' behaviour, requires that the design column 
bending moment (M&0 is evaluated as 
(4.2) 
where, MEd,G is the column bending moment due to non-seismic actions (gravity loads), 
MEd,E is the column bending moment due to the seismic forces, Yov is the overstrength 
factor defined as the ratio of the actual yield strength of steel to the design yield strength 
(usually taken equal to 1.25 in the absence of pertinent data). Moreover Q, which is the 
beam overstrength factor, is the minimum, among all dissipative beam zones, value of 
Q j calculated as the ratio of the plastic moment capacity of the i beam, ~1,Rd~' to the 
beam design bending moment in the seismic design situation, MEd,j. Despite the fact that 
the theoretical validity of Eq. (4.2) is questionable [Elghazouli, 2005; Elghazouli, 2007], 
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it is believed to result in relatively strong columns and an overall satisfactory seismic 
frame performance. 
Two deformation requirements are also considered in Ee8 [EN1998-1, 2004] to 
ensure the satisfactory structural behaviour in terms of the 'no-collapse' and 'damage 
limitation' performance levels. For the 'no-collapse' level, Ee8 requires for P-~ effects 
to be taken into account if the interstorey drift sensitivity coefficient e at any storey 
exceeds 0.1. The interstorey drift sensitivity coefficient is defined as 
(4.3) 
where, Ptot is the total gravity load, at and above the storey under consideration in the 
seismic design situation, d r is the design interstorey drift (estimated as the product of the 
interstorey drift, when calculated assuming elastic structural behaviour, and the 
behaviour factor q), V tot is the total seismic storey shear and hi is the storey height. For 
the 'damage limitation' performance level the code specifies interstorey drift limits of 
0.5%, 0.75% and 1 % for brittle, ductile and without or non-interfering non-structural 
elements, respectively. These limits should not be exceeded under a seismic event with a 
higher probability of occurrence than the design earthquake. Note that the deflections 
for the 'damage limitation' requirement are usually estimated as the drifts, under the 
design forces assuming elastic structural behaviour, multiplied by the behaviour factor. 
In order to account for the lower return period of the earthquakes associated with the 
'damage limitation' requirement a reduction factor v is used. 
Ee8 stipulates explicit requirements for the plastic hinges in steel buildings. For 
MRFs in particular, the code requires the plastic hinge rotation capacity not to be less 
than 25mrad for structures of medium ductility class and 35mrad for structures of high 
ductility class, regardless of the intended plastic hinge location (in beams or in 
connections). These local ductility requirements, give an indication of the structure's 
expected global ductility [Fardis et aI., 2005], which should be around 2.5% and 3.5% for 
MRFs of medium and high ductility class, respectively. 
This discussion has summarised the most important aspects of the design 
philosophy of Ee8, making particular reference to steel MRF s, and is by no means 
exhaustive. In the next section information related to the design and properties of the 
Ee8-designed steel MRF that will be used for the fragility assessment, is provided. 
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4.3.2 Description of the structure 
The regular, two-bay five-storey frame considered here was designed by Fragiacomo et 
al. [2004], using the recommendations of Ee3 [EN1993-1-1, 2005] for steel structures 
and Ee8 [prEN1998-1, 2002] for seismic design. As shown in figure 4.4, the frame 
consists of two 6m bays. The interstorey height is 3.5m, except for the ground floor 
where it is 4m. All beams and columns are assumed to be made of Fe360 (nominal yield 
stress 235MPa) European steel profiles. The width of the tributary area supported by 
the MRF at each floor level is taken equal to 6m. The seismic storey masses, which are 
evaluated considering the combination of actions Gk +0.3Q. (with Gk being the dead 
and Q. the imposed loads), are equal to 30.16t and 37.43t for the roof and the remaining 
floors, respectively. The frame was designed to be of a high ductility class (q=6). The 
base shear was evaluated by means of the Ee8 design spectrum for soil type B (medium 
dense soils) combined with a design (10% probability of exceedance in 50 years) peak 
ground acceleration (pga) ag of 0.35g, and was found to be 147. 7kN. The elastic design 
spectral acceleration was evaluated to be approximately equal to O.4g. 
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Figure 4.4 Model of the Ee8-designed, 5-storey :MRF 
Additionally, the serviceability limit state was also checked according to the Ee8 
provisions. For the verification of this limit state, the interstorey drift angle limit was 
taken equal to 0.010rad (non-structural elements fixed in a way so as not to interfere 
with the structural deformations) and the value of the reduction factor v was taken equal 
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to 004. The latter value implies that the 'damage limitation' requirement should be 
checked against an earthquake having an elastic spectral acceleration of 0.16g (OAg * \I). 
4.3.3 Structural modelling 
Time history analyses of the frame shown in figure 404 are carried out using the 
computer program DRAIN-2DX [prakash et aI., 1993]. In terms of the adopted 
modelling techniques, the masses are assigned at the beam-column intersections with 
horizontal translation slaving applied at the nodes of the same floor level and assumed 
to act solely in the horizontal direction. The vertical and rotational masses are ignored. 
Gravity loads are applied as point loads at the nodes, ranging from 61.20kN at the 
internal nodes to 30.60kN at the external nodes in all but the roof level, where the 
corresponding forces are 49.31kN and 24.65kN, respectively. The columns are assumed 
fixed at their bases, and the contribution of the floor slab to the beam strength and 
stiffness is ignored. 
For the nonlinear time history analyses, Rayleigh damping of 5% is assumed at the 
first two modes of vibration. Shear deformations are taken into account, with the shear 
area of the cross sections estimated according to the recommendations of EC3 
[EN1993-1-1,2005]. 
At the plastic hinge location in beams and columns, a bilinear, non-degrading 
hysteresis model with a constant 3% strain hardening is used. The axial load-bending 
moment interaction (P-M) is accounted for by using the EC3 [EN1993-1-1, 2005] 
interaction equations for standard rolled I or H sections. 
With regard to the number of elements, used to model the beams and columns of 
the frame, a convergence study is performed on the 'mean frame' for an MRF with fully 
ductile joints ('unlimited' rotational capacity). The term 'mean frame' refers to a frame 
with yield strengths set to their mean value. Results are presented in figure 4.5, in terms 
of the maximum roof displacement for the Montenegro 197 record (see Appendix A), 
scaled to three spectral acceleration levels of 19, 1.5g and 2g. These results are reported 
in the form of % difference with the finest mesh which consisted of half a meter long 
beam and column elements. As can be seen in figure 4.5 (a) convergence is not 
necessarily monotonic and (b) use of three elements in each member results in a 
reasonable accuracy «6% error). Further refinement is considered to be unnecessary 
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since the reduction in the error arising from the discretisation process does not merit 
the additional computational effort. 
Based on the convergence study, all structural members, which are modelled as 
lumped plasticity beam-columns, are, therefore discretised using three elements per 
member (see fig. 4.4), thus accounting for potential plastification at points other than 
the member ends. Moreover, for the columns, this refinement permits the approximate 
inclusion of the axial force effect on the deformed member [Filippou and Fenves, 2004], 
also termed the P-8 effect (see Appendix B). 
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Figure 4.5 Results of mesh convergence study 
Several researchers [e.g. Krawinkler, 1978; Kim and Engelhardt, 2002; Castro et al, 
2005] have proposed models for the behaviour of panel zones. At present, there seems 
to be limited experimental evidence to favour any particular quantitative model linking 
panel zone deformations with connection fractures. Furthermore, Krawinkler and 
Mohasseb [1987], through pilot studies on the seismic response of two frame 
configurations, concluded that, provided panels are strong in shear, explicit modelling of 
the panel zones does not influence the results considerably. For these reasons, and 
assuming that the panel zones are designed and detailed in a way that justifies omission 
of their shear deformations, the MRF is modelled here as a centreline model with rigid 
joints. 
In terms of the joint hysteretic behaviour, no distinction is made in this study 
between different failure modes. Thus, plastic behaviour and/or fracture is assumed to 
be captured through the same hysteresis loop (see fig. 3.4). Accordingly, a special zero 
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length failure element [Foutch and Shi, 1997] is introduced at the beam ends. Ibis 
inelastic spring was described in detail in section 3.2.1 (see fig. 3.4). The post-yield 
rotational stiffness is set equal to 3% of the elastic flexural stiffness k of the beam 
(cx=0.03, see fig. 3.4). The response of the undamaged joint is captured by a bilinear 
envelope with the strength equal to the plastic moment capacity Mp of the bare steel 
beam section. Following failure, at a total plastic rotation Of' the strength of the joint 
drops to some percentage of Mp denoted as Mm (see fig. 3.4). As can be seen in figure 
3.4, failure is captured in both positive and negative bending. The post-failure level of 
strain hardening is assumed to remain the same. 
4.3.4 Probabilistic modelling 
4.3.4.1 Failure rotation of joints 
The joint hysteretic response depicted in figure 3.4 refers to the total (beam and panel 
zone) plastic rotation. In this respect, the centreline model accounts indirecdy for the 
contribution of the panel zone to the total plastic rotation sustained by the joint prior to 
fracture, an approach which was also adopted by Luco and Cornell [2000]. The positive 
(OJ+) and negative (Of) failure limits shown in figure 3.4 are, here, assumed to be equal. 
For the beams of the frame shown in figure 4.4, the mean value of Of is obtained 
using Eq. (4.1). Furthermore, Of is assumed to be lognormally distributed with a CoY of 
30%. The adopted Co V can be justified on account of the fact that the Co V of the 
analysed test data, corresponding to different beam depths, ranges between 11 and 31 %, 
while the overall CoY, which is associated with the entire data set, is approximately 
35%. In terms of the spatial variability of Of within the frame, external joints at any given 
floor are assumed to be represented via identically distributed and fully correlated 
random variables. The same idealisation is adopted for the internal joints at anyone 
floor. In total, this idealisation results in 10 random variables associated with the frame's 
joint rotation capacities. 
Figure 4.6 depicts two typical simulated histograms for the joint failure rotation 
obtained from 200 samples, together with their fitted lognormal distributions. The two 
histograms refer to two different beam sections (IPE 400 and IPE 360). It should be 
noted that the assumed mean values for both beam sizes, satisfy the EC8 requirements 
for a minimum plastic hinge rotation capacity of 35mrad that should be possessed by 
the beams or connections of high ductility class MRFs (see section 4.3.1). 
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Figure 4.6 Joint failure rotation simulated histograms for IPE400 and IPE360 beam 
sections 
4.3.4.2 Yield strength 
As in the case of the three-storey building considered in chapter 3, the yield strengths of 
the beams and columns are assumed to be independent and identically distributed. 
Thus, four random variables are used to represent yield strength variability in beams and 
columns, and, consequendy, variability in plastic moment capacity Mp. In line with the 
proposals made in the literature, all yield strengths are assumed lognormally distributed 
[Song and Ellingwood, 1999; Wang and Wen, 2000b] with a CoY of 7% [JCSS, 2001]. 
The mean yield strength of the Fe360 steel used in all sections is set equal to 280MPa 
[JCSS, 2001; Melcher et aI., 2004]. The latter value is based on standard mill tests and 
does not account for any dynamic effects, which tend to increase the yield strength. 
However, the exact strain rate that a steel member experiences under earthquake loading 
is highly uncertain [Wen et aI., 2004], rendering, at present, the use of a strain rate-
dependant yield strength questionable. 
4.3.4.3 Interstorey drift limits 
In line with the three-storey building analysed in chapter 3, the three performance levels 
specified in FEMA 356 [2000] are adopted. In addition, the 'damage limitation' 
performance level of EC8 [EN1998-1, 2004], paired with an interstorey drift angle limit 
of 1 %, is also used in this study. For these levels, the corresponding drift limits are 
randomised assuming, that these are lognormally distributed, having their mean values 
set to the values specified by FEMA 356 or EC8 and a Co V of 10%, based on 
engineering judgement. Further investigation of the FEMA 356 limits is carried out in 
section 4.3.7.1. 
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4.3.5 Deterministic parameters 
For the purposes of the present study, the remaining structural properties are treated 
deterministically. Hence, all structural dimensions as well as the seismic mass of the 
structure are assigned deterministic values. Similarly, the elastic constants, Le. the 
Young's modulus E and the Poisson's ratio are set equal to 210GPa and 0.3, 
respectively. As was mentioned previously, the damping is taken equal to 5% for the 
first two modes of vibration and the strain harderung' is set at 3%. The ratio M / M is 
rtS P 
assigned a deterministic value of 0.1 for both positive and negative bending. 
4.3.6 Seismic input 
The ground motion records used here form part of the common seismic scenario for 
the applications of the LessLoss Sub-Project 9[LessLoss-SP9, 2006] (see Appendix A), 
and are scaled according to the 5% damped spectral acceleration at the building's elastic 
fundamental period SJflJ 5%). 
4.3.7 Results and discussion 
4.3.7.1 Deterministic analyses 
An eigenvalue analysis of the frame is carried out and the results in terms of the periods 
of vibration and the mass participation factors are presented in Table 4.2. As can be 
seen in Table 4.2, the evaluated fundamental period was found to be in very good 
agreement with the 1.30sec period reported by Fragiacomo et al. [2004]. 
Table 4.2 Elastic periods of vibration and mass participation factors 
Mode 
T (sec) 
Mass participation (%) 
1 
1.247 
85.33 
2 
0.411 
9.98 
3 
0.228 
3.32 
4 
0.152 
1.11 
5 
0.118 
0.26 
Prior to proceeding with the dynamic analyses, and in order to gain some insight 
regarding the capacity and the collapse behaviour of the building, pushover analyses on 
the 'mean frame' with fully ductile joints are performed. These deterministic pushover 
analyses are carried out using an invariant load pattern based on the fundamental mode 
displacement vector weighted by the storey masses. For these analyses, the strain 
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hardening ratio is varied consistendy throughout the frame between 0% and 3%. Note 
that the latter value is used in subsequent fragility analyses. The results are shown in 
figure 4.7 together with the three FEMA 356 limits. Figure 4.7 confinns that strain 
hardening is an important parameter since it significandy influences the post-yield slope 
of the pushover curve. For the 00/0 and 10/0 models, a negative slope is attained at 
relatively small drifts. This is caused by the dominance of the p-~ effects over the effect 
of the nonexistent (0%) and small (1 %) strain hardening hinge characteristic. 
As can be seen in figure 4.7, the FEMA 356 [2000] limits for the 10 and Lf 
performance levels compare reasonably well with the frame's pushover response with 
3% strain hardening. Thus, the pushover curve deviates from linearity at a roof drift 
angle which is quite close to the 0.7% interstorey drift angle limit specified by FEMA 
356 for the 10 performance level. Moreover, the FEMA 356 Lf performance level, 
which is associated with a 2.5% drift angle, corresponds loosely to a point on the 
pushover curve where the post-yield stiffness is sufficiendy low to undennine, at a 
certain extent, the life safety of its occupants. Regarding the CP performance level, 
which is paired with a drift angle of 5%, it is evident that the frame with 3% strain 
hardening could withstand higher drifts. However, to account for the likely variability in 
strain hardening, which is not explicidy considered in the reliability analyses, as well as 
for the effect of joint ductility and failure on the structural capacity, it was decided to 
retain the 5% limit for the CP performance level. This approach provides consistency 
with the limiting values adopted in chapter 3 for the U.S. low-rise building. 
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Further to the modal and pushover analyses, detennjnjstic nonlinear time history 
analyses are carried out on the 'mean frame' with fully ('unlimjted,) ductile joints. The 
structure is subjected to two unsealed ground motion records (Montenegro 197 and 
Campano Lucano 295, see Appendix A). Both earthquake accelerograms are recorded 
on stiff soils and relate to large magnitude events. The ground motion acceleration and 
the roof displacement time histories are shown in figure 4.8. As shown in figure 4.8b, 
the response analyses reveal the high variability in structural demands due to the 
different ground motion characteristics. For both pushover and time history analyses, 
detennjnjstic analyses were not performed on the model structure with potential joint 
failures ('finite ductility,) since the definition of the 'mean frame' is problematic due to 
the spatial variability in the mechanical properties . 
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Figure 4.8 (a) Horizontal ground acceleration and (b) roof displacement time histories 
(Montenegro 197 and Campano Lucano 295) 
4.3.7.2 Probabilistic analyses 
The probabilistic methodology used in the derivation of the fragility curves is identical 
to the one adopted for the reliability assessment of the low-rise welded steel MRF (see 
chapter 3). As before, convergence studies revealed that the use of the MC simulation in 
conjunction with the LHS technique can yield satisfactory results for a sample size of 
200 building idealisations and a step increment of O.lg in Slf
" 
5%). 
Figures 4.9 to 4.11 show the building's fragility curves, obtained ustng the 
interstorey drift angle as a damage measure, at the CP, Lf and [0 performance levels, 
respectively. For these analyses, the 'finite ductility' hysteretic model was used, which 
accounts for the existence of a finite (), In the figures 4.9-4.11 the number of the 
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presented curves depends on the performance level (10 for the CP and 13 for the LJ 
and 10); this is because several records were excluded from further consideration on , 
the basis of having scaling factors in excess of 50 at the Sa range of interest or the 
resultant pga being greater than 2g in the high (95-1000/0) failure probability range. The 
earthquake records shown in figure 4.11 with a Y refer to the Y component of the 
ground record. The South Aegean 584 ground record does not comply with the 
aforementioned criteria at the CP performance level. However, it is included here for 
comparison purposes, because, with the use of the 'unlimited ductility' modeL and at the 
same performance leveL it adheres to the previously mentioned criteria. 
The fragility curve trends are similar to those reported with reference to the SAC 
three-storey steel building: as before the effect of record-to-record variability increases 
with increasing nonlinearity in the response. From the results it can be also seen that alL 
but three fragility curves, exhibit a monotonic increase in the failure probability at 
increasing values of the intensity level. By contrast, the fragility curves at CP 
performance level obtained from the Montenegro 197, Campano Lucano 295(Y) and 
South Aegean 584 ground records, reveal that the population of the examined buildings 
experiences lower damage measure values (()maJ at certain intensity ranges, as compared 
to those obtained at the previous step for a lower intensity measure. As previously 
reported, e.g. [Vamvatsikos and CornelL 2002], seismic response irregularities may be 
incurred at high intensity levels. 
This non-monotonic behaviour demonstrates that, the parameters chosen to 
measure the seismic intensity and the structural damage may not be completely 
representative, either for assessing the severity of an earthquake event or the damage 
induced to the system. Hence, although Slf1) is anticipated to be an efficient intensity 
measure for multi-degree-of-freedom systems vibrating predominandy in the first mode, 
its efficiency decays with the spread of plasticity to the system, which gives rise to higher 
modes of vibration. To improve the efficiency of the ground motion intensity measures 
in predicting the structural responses, Baker and Cornell [2008] have proposed recendy 
the use of a vector of intensity measures. 
For comparison purposes, fragility curves obtained by analysing the same MRF 
with fully ductile joints ('llnI1mited ductility,) are presented in figures 4.12 to 4.14 for the 
same earthquake records. As can be seen in these figures, all fragility curves exhibit a 
monotonic increase in the failure probability at increasing intensity levels. This 
somewhat contrast the fragility curves presented in figures 4.9-4.11. 
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Figure 4.13 Fragility curves for interstorey drift angle obtained at the Lf performance 
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Figure 4.15 shows the building's median fragility curves obtained using the 'finite 
ductility' and the 'unlimited ductility' constitutive models. By comparing the median 
curves between the two cases it can be seen that, depending on the performance level, 
joint failures can have a significant effect on the building's fragility. For example, at Sa = 
1.1 g, the failure probability associated with the CP is almost eight times greater when 
the OJ limits are introduced in the connection hysteretic response. Since the cumulative 
distribution function is by definition a monotonically nondecreasing function, the points 
between 1.3g and 1.5g Sa for the CP 'finite ductility' fragility curve are connected with a 
dotted line. It is believed that the way in which the median fragility is obtained gives rise 
to the observed nonmonotonic pattern (see fig. 4.9). 
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Figure 4.15 Median fragility curves for interstorey drift angle obtained at 10, LS' and CP 
perfonnance levels for MRFs with 'unlimited' or 'finite ductility' joints 
On the other hand, at lower perfonnance levels, such as the LS' and 10, joint 
failures can be seen to have a small or no effect on the seismic reliability. 1bis is, more 
or less, expected, given that the local and global ductility capacities are interrelated. 
Thus, with mean joint rotational capacities ranging between 3.6-4.7% , the MRF is 
anticipated to be able to sustain the drift limits associated with the 10 and LS' 
performance levels with just a limited number of joint failures. It is also worth 
mentioning that, for both cases considered, the median failure probabilities estimated at 
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the building's elastic design spectral acceleration (0.4g) were found to be zero for the L5' 
performance objective, which is paired to a hazard level of 10°10 in 50 years (i.e. equal to 
the reference probability of exceedance specified in EC8 for the design seismic action). 
The zero failure probability estimated at O.4g for the Lf performance objective was 
calculated based on a population of 200 buildings. Strictly this estimate implies that, at 
this spectral acceleration, the median failure probability is expected to be less than 
1/200 (=5x10-~ and not equal to zero. 
Figures 4.16 to 4.18 present the fragility curves for the three FEMA defined 
performance levels, as obtained for MRF s modelled with fully ductile joints ('un1imited 
ductility,) and employing the pga to represent the intensity of the ground shaking. These 
fragilities were obtained directly from those pertaining to Sa, without rescaling the 
records to estimate the failure probabilities at equally spaced pga intervals. 
These unequal intervals are believed to be partly the reason for the higher record-
to-record variability at the 10 performance level (see fig. 4.18) when compared to the 
variability obtained based on Sa (see fig. 4.14). More importantly though, the use of a 
structure specific intensity measure such as Sa implies that records scaled to the same 
intensity should yield simi1ar deformation responses, given that the structure is first-
mode dominated and remains mostly elastic. The higher record-to-record variability at 
the Lf performance level (compare fig. 4.13 and fig. 4.17), the latter associated with 
moderate levels of induced nonlinearity to the structural system, further supports the 
latter observation. This renders the Sa a better and more efficient intensity measure as 
opposed to pga, at least for assessing the response of a structural system at damage 
levels associated with these particular performance levels. 
In addition to the fragility formulation based on the FEMA performance levels, the 
structural fragility is also evaluated at the EC8 'damage limitation' performance 
objective, paired with an interstorey drift angle limit of 10/0. Since the building was 
explicitly designed to perform satisfactorily at this particular performance level, its 
behaviour to this state can be used directly to quantify the notional reliability of an EC8-
designed steel MRF at the serviceability earthquake. Figure 4.19 shows the building's 
median fragility curves, based on 13 ground records. These were obtained using models 
with 'unlimited' or 'finite ductility' joints. 
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As expected, the two curves are almost identical, since at their associated intensity 
levels very few joint failures are expected. For both cases examined and at a Sa of 0.2g, 
the median probability of exceeding the 'damage limitation' level is found to be equal to 
5x1 0-3• Hence, the median failure probability at 0.16g, which is the intensity of the 
serviceability earthquake (see section 4.3.2), will be less than 5x10-3 (=1/200). A more 
accurate prediction of the failure probability at this particular intensity level is 
impossible due to sample size limitations. Nonetheless, this observation implies that 
there is a low likelihood of violation of the 'damage limitation' performance objective 
under the serviceability earthquake . 
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Figure 4.19 Median fragility curves for interstorey drift angle obtained at the 'damage 
limitation' performance level for MRFs with 'unlimited' or 'finite ductility' joints 
In order investigate further the propagation of uncertainty in response demands 
due solely to the variability in mechanical properties, a single ground motion record is 
here considered (Campano Lucano 295). Figure 4.20 depicts the maximum interstorey 
drift at increasing intensity levels, as obtained from the Monte Carlo simulations for the 
case of 'finite ductility'. The data points shown at each intensity level are the result of 
200 nonlinear time history analyses. The observed scatter is attributed solely to the 
variability in the members' yield strength and the assumed randomness in joint plastic 
rotational capacity. 
As can be seen in figure 4.20, the uncertainty becomes more pronounced at high 
intensity levels. By contrast, the response at lower intensities is almost deterministic (at 
0.5, 1.0 and 1.5g the CoY's are 3, 8 and 19%, respectively). This observation supports 
88 
one of the fundamental assumptions of the "2000 SAC/FEMA" fragility methodology 
[Cornell et aL, 2002], at least for regular steel MRFs and perfonnance levels lower than 
CPo 1bis methodology permits the mean structural demand to be estimated from 
analyses on detenninistic structural models, with the variability introduced under a 
lognormal distribution assumption for the fragility curve. However, an important 
unresolved issue with regard to the application of the "2000 SAC/FEMA" methodology 
is how to account for the spatial variability of mechanical parameters [pinto, 2007]. 
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Figure 4.20 Variation of the demand parameter Omax with the intensity measure Sa 
(Campano Lucano 295) 
Figure 4.21 shows the median, as well as the scatter, for the interstorey drift angles 
OJ (max over ~. These are reported at different storeys and for a frame model with 
'finite' (see fig. 4.21a) or 'unlimited ductility' (see fig. 4.21b) joints. The three sets of 
points and three curves shown in these figures pertain to Sa values of O.4g, 1.2g and 2g. 
Figures 4.21a and 4.21b show that for both structural models, and for the three seismic 
intensities considered here, the larger drifts are concentrated in the first two storeys. 
Moreover, in line with observations made on fragilities, the influence of joint failures on 
OJ is small at low intensity levels, becoming considerably larger at higher seismic 
intensities. 
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Figure 4.21 Spatial variation and median of ()j for models with (a) 'finite' and (b) 
'unlimited ductility' joints at O.4g, 1.2g and 2g Sa (Campano Lucano 295) 
The results in tenns of interstorey drift angles as well as fragilities have 
demonstrated the importance, at high ground shaking intensities, of the joint behaviour. 
The comparisons presented here are closely related to the empirically predicted rotation 
capacity_ Given the complexities associated with joint response, even under laboratory 
conditions, it is essential to establish, through careful experimental and analytical 
studies, the models used to capture European design and construction practices. 
4.3.8 Seismic hazard analysis 
The seismic hazard that is used to perfonn the probabilistic hazard analysis is based on a 
study that was carried out for the city of Reggio Calabria in southern Italy [pinto, 2007]. 
The results from the hazard assessment on the selected site are provided for 15 different 
periods, ranging from 0 to 4 seconds, and are given in tenns of the 50/0 damped spectral 
acceleration ordinates. The hazard curves presented in figure 4.22 pertain to periods, 
which are close to the elastic fundamental period of the mid-rise building_ Also shown 
in figure 4.22 is the hazard curve at the building's fundamental period (1.247sec) . This 
was obtained by interpolating between the curves related to the 1 and 1.5 second 
periods and fitting a curve of the fonn of Eq. (3.8) to the resulting data. The parameter 
ko was found to be 0.00065, whereas, the decay factor kd was found equal to 1.6665. 
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Figure 4.22 Annual extreme spectral acceleration hazard curves 
Once the annual extreme hazard curve for the city of Reggio Calabria is obtained, it 
may be combined with the median fragility curves presented in figures 4.15 and 4.19 in 
order to estimate the annual probability of the structure exceeding anyone of the 
FEMA or EC8 performance levels. Table 4.3 shows these annual failure probabilities 
along with their associated reliability indices ~. Results are shown in Table 4.3 for both 
the 'finite' and 'unlimited' ductility models. 
Table 4.3 Annual failure probabilities and reliability indices for the examined FEMA 
and EC8 performance levels 
Annual Failure Probability ~ Annual Failure Probability ~ ('finite ductility') ('unlimited ductility') 
CP 4.24x10-4 3.3 3.52x10-4 3.4 
LS 1.12x10-3 3.1 1.08x10-3 3.1 
10 8.79x10-3 2.4 8.79x10-3 2.4 
'damage 4.74xlO-3 2.6 4.71xlO-3 2.6 
limitation' 
In order to investigate the efficiency of the particular EC8 design, the performance 
levels were paired with discrete hazard levels. Thus, the [0 level was considered with an 
earthquake event having a 50% probability of being exceeded in 50 years whereas, the 
LS and the CP were correlated with earthquakes having a 10% and a 2°'0 probability of 
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exceedance in 50 years, respectively. The way in which the perfonnance levels are paired 
with the seismic hazard levels, is based on the recommendations of FEMA 356 [2000] 
and reflects one of a range of allowable rehabilitation objectives. 
In both of the examined cases, the annual failure probabilities at the 10 and L.f 
performance levels were well below the acceptable limits given in FEMA 356 [2000]. 
Specifically, for the MRF with 'finite ductility' joints it was found that the 10, L.f and CP 
limit states may be expected on average to be exceeded once every 114, 893 and 2358 
years. In the case of the MRF with joints of 'unlimited' ductility one may expect the 
same limits to be exceeded on average once every 114, 926 and 2841 years, respectively. 
By contrast, the mean return periods associated with the aforementioned levels given in 
FEMA 356 [2000] are 72 (1/0.0139),475 (1/0.0021) and 2475 (1/0.0004) years. Thus, it 
is only at the CP performance level where the MRF with potential joint failures ('finite 
ductility,) exceeds the FEMA 356 requirements. It is worth mentioning that the ratio 
between the acceptable and the estimated failure probability at the L.f limit state is 
higher than those of the other two FEMA limit states, for both cases examined. This 
reveals, at least for this building typology, that more confidence can be placed in the 
population of the examined buildings satisfying this particular perfonnance objective. 
With respect to the EC8 'damage limitation' performance objective, this might be 
expected on average, based on the evaluated annual failure probabilities (see Table 4.3), 
to be exceeded once every 211 and 212 years, for the MRF with 'finite' and 'unlimited 
ductility' joints, respectively. On account that EC8 [EN1998-1, 2004] defines an 
acceptable mean return period related to this particular perfonnance level of 95 years 
(100/0 in 10 years), the safety margin imposed by the EC8 design provisions to the mid-
rise frame at the 'damage limitation' perfonnance level is considered satisfactory. 
4.4 Concluding remarks 
In this chapter, a review of European experimental research on the cyclic behaviour of 
joints was undertaken and a simple equation for the evaluation of the plastic rotation 
capacity of beam-to-column joints, in terms of the beam's depth, was proposed. This 
equation was then used within a probabilistic framework to perform an analytical 
seismic fragility and hazard assessment of a regular, mid-rise, EC8-designed MRF. 
Considering two levels of joint ductility ('finite' and 'unlimited,), the study revealed 
that the effect of joint rotation capacity is clearly noticeable in the median fragility 
92 
curves corresponding to high seismic demand and response levels. By contrast, at 
performance levels associated with low to moderate deformation demands, the effect of 
joint failures was found to be almost unnoticeable on the median fragility. Therefore, 
the joint rotation capacity should be explicidy accounted for in probabilistic studies 
aiming to assess the seismic reliability of steel MRFs at high performance levels while it 
may be ignored at lower ones. 
The study also revealed, that the capacity-related uncertainties at small deformation 
demands are low and the response, for a given ground motion signature, is almost 
deterministic. This observation supports, at least up to moderate intensity levels, one of 
the fundamental assumptions of the '2000 SAC/FEMA' methodology, stating that the 
uncertainty in mechanical parameters may be disregarded. Finally, in order to quantify 
the seismic risk, the existing results from a hazard study at a site in Italy were convolved 
with the median fragility curves estimated at various performance levels. The evaluated 
annual unconditional failure probabilities were found to be reasonably small and in all 
but one case smaller than the failure probabilities given in FEMA 356 [2000]. In general, 
the notional reliability of the EC8-designed, 5-storey MRF, was satisfactory at the 
examined range of performance levels, provided acceptable construction quality has 
been achieved. 
In chapter 5 the methodology presented in chapters 3 and 4 is compared with 
alternative methods for performing a seismic fragility assessment in steel MRFs. The 
study explores the efficiency and robustness of these potential alternatives and addresses 
a number of fragility formulation issues. 
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Chapter 5 
5.1 Introduction 
Appraisal of probabilistic methods for the 
seismic assessment of steel MRFs 
In chapters 3 and 4, a fragility methodology was developed and applied to two different 
MRFs, namely, a 3-storey building designed to UBC [1994] and a 5-storey building 
designed to EC8 [prEN1998-1, 2002]. Despite its robustness, the proposed 
methodology requires substantial computational recourses, making it almost prohibitive 
for MRF s of moderate to low importance. 
It is on this basis that this chapter will focus on exploring the efficiency of 
alternative probabilistic approaches, in tenns of perfonning, with less computational 
effort, a fragility analysis of steel MRF s. The methods presented here differ mainly in 
the way structural responses are evaluated and the component of uncertainty is 
accounted for. Thus, this study begins by investigating the validity and applicability of a 
closed-fonn fragility fonnulation on the seismic fragility assessment of the 3-storey and 
5-storey ('finite' and 'lmlimjted ductility,) MRF s examined in chapters 3 and 4. The 
investigation is extended later on to explore the efficiency of the "2000 SAC/FEMA" 
method. In both cases, the responses are evaluated based on the principles of the 
'multiple-stripe' method. Following this work, a simplified procedure, whereby 
estimation of the response is achieved by means of an Equivalent Single Degree Of 
Freedom (ESDOF) system, is examined. Finally, since not all commercial software 
packages are capable of catering for a limit in the rotational capacity of the beam-to-
column joints, an approximate yet efficient approach for evaluating the structural 
responses within a fragility fonnulation is presented. The novel comparisons undertaken 
in this chapter on the basis of the direct MC methodology, quantify the extent to which 
simplified fragility approaches may be considered as viable alternatives to more 
computationally demanding procedures. 
5.2 General considerations 
As discussed previously, the tenn seismic fragility stands for the conditional probability 
of a limit state (perfonnance level) being exceeded under a particular seismic event. The 
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two key components required for the assessment of a seismic fragility are: (a) estimation 
of the maximum response statistics and (b) knowledge of the structural capacity. The 
evaluation of the aforementioned components is inevitably subject to various aleatory 
(inherendy random) and epistemic (knowledge-based) uncertainties, all of which need to 
be considered in a full probabilistic framework. 
With reference to analytical fragilities, estimation of response statistics presumes 
idealisation of the structural system and its loading. This idealisation gives rise to various 
uncertainties which are expected to affect the structural fragility. In earthquake 
engineering in particular, the process of predicting the structural responses, usually 
involves either nonlinear time history or nonlinear static (pushover) analyses. The latter 
should be combined with an appropriate 'demand' measure [Elnashai, 2002] such as the 
elastic or inelastic demand spectrum. Epistemic uncertainties in such cases are 
associated with, among others, the degree of sophistication in the structural modelling 
(e.g. hysteretic rules, type of elements ect) , the theoretical robustness of the method 
employed and the accuracy of the analysis platform. On the other hand, sources of 
aleatory uncertainty are related to the ground motion and the mechanical properties. 
In cases where the computational burden is not a primary concern, nonlinear 
dynamic analyses are generally employed to assess probabilistically the structural 
responses over a range of ground motion intensities. Response evaluation methods, 
which involve nonlinear dynamic analyses are the cloud analysis (see fig. 5.1a), the 
multiple-stripe analysis (see fig. 5.1b) and the incremental dynamic analysis (see fig. 5.1c) 
Ualayer, 2003; Pinto, 2007]. Briefly, cloud analysis is a procedure, whereby a set of 
unscaled ground motions, strong enough to provide demand estimates in the range of 
interest, are applied to the structural system under consideration in order to obtain a 
'cloud' of responses. The statistical properties of the responses may then be estimated 
by fitting to these a power law curve (see Eq. (2.15)). An alternative to the cloud analysis 
is the multiple-stripe analysis. This type of analysis was used in chapters 3 and 4. In the 
case of a multiple-stripe analysis, the structural responses are evaluated by subjecting the 
structural model to a suite of ground motion records. Each of these records is 
incrementally scaled to multiple intensity levels using a constant step. By contrast, in the 
Incremental Dynamic Analysis (IDA) [Vamvatsikos and Cornell, 2002] the records are 
typically scaled to intensity levels (SJ following a nonconstant step. In principle though, 
the results of the IDA and the multiple-stripe analysis are identical, with the former 
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providing additional infonnation about the structural response to individual records by 
means of the IDA curves Ualayer, 2003]. 
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Figure 5.1 (a) Cloud analysis, (b) Multiple-stripe analysis and (c) IDA (Y represents the 
damage measure) [pinto, 2007] 
Of equal importance within a fragility assessment is the capacity definition. 
Capacity is defined here in tenns of the maximum force, displacement, velocity or 
acceleration that either a structural member or a system is able to withstand without 
reaching a predefined limit state [Wen et al, 2004]. 1bis definition implies that the 
capacity is dependent on several factors. Among others these are, the definition of the 
limit state, the construction quality, the material strength and the stiffness of the 
structure. The capacity may be evaluated analytically, experimentally or based on field 
studies. 
The fact that even at a member level the development of relatively accurate 
capacity models under cyclic loading is still in progress, reveals the difficulties in 
assessing, at least for the time being, the structural capacity solely within an analytical 
context [pinto, 2007]. This is particularly true when the structure approaches its collapse 
capacity, where phenomena such as large defonnations, second-order effects and 
complicated degrading behaviour come into play [Villaverde, 2007]. Nonetheless, within 
a numerical/analytical framework, some infonnation on the global capacity may be 
extracted through nonlinear static (pushover) analyses or the IDA method (global 
collapse prediction). Other ways of assessing the global capacity is through experiments 
or engineering experience/judgement. With regard to experimental studies it should be 
mentioned that very few have been carried out on full scale structures and even fewer 
have reached the collapse state. In relation to experiments on individual members 
(beams, connections ect), there is always the difficult task of pairing the global capacity 
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of the structural system to its components' capacity. Clearly, the way in which structural 
capacity may be evaluated at the present moment, renders its predictions non-
deterministic, with both aleatory and epistemic uncertainty components being involved 
As can be seen from the previous discussion, various uncertainties are present at all 
stages in a fragility evaluation. For this reason in a fragility assessment, it is of 
paramount importance, to identify and quantify uncertainty, either by explicidy 
incorporating the uncertainty models in the fragility formulation, or by recovering it at a 
latter stage based on, mosdy experienced-based, assumptions. 
5.3 Closed-form fragility formulation based on dynamic analyses 
The main principles of the closed-form fragility formulation, as described in section 2.6, 
together with the data obtained from Monte Carlo (MC) simulations, will be used for, 
initially, verifying some of the fundamental assumptions of the "2000 SAC/FEMA" 
methodology. As discussed in chapter 2, in a closed-form fragility formulation, the 
fragility distribution, conditioned on the spectral acceleration, may be computed as 
(5.1) 
where, 
(5.2) 
In addition, as suggested by Cornell et al. [2002], the structural demand D may be 
approximated by a power function of the form 
D = a(Sa)b e (5.3) 
where, E is a lognormal random variable with unit median and a logarithmic standard 
deviation Ojnl:' In the following sections the parameters of Eq. (5.3) will be obtained 
through a regression analysis on the structural responses, whereas Eq. (5.1) will be used 
to compute, in closed-form, the seismic fragility for the frames examined in chapters 3 
and 4. 
5.3.1 Unweighted responses 
Figure 5.2 depicts the seismic demands, in terms of the maximum interstorey drift, at 
increasing intensity levels. These were evaluated from MC simulations performed on the 
5-storey MRF ('unlimited ductility,), using 9 earthquake records. These records are those 
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complying with scaling and pga «2g) limitations in the whole Sa range examined. The 
data at each intensity level is a result of 1800 (200 MC samples x 9 records) nonlinear 
time history analyses. The observed variability, clearly seen to generally increase with 
increase in Sa, in the structural responses is related partly to the ground motion 
characteristics and partly to the randomness attributed to the yield strengths of the 
members. 
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Figure 5.2 Maximum interstorey drift angle vs Sa (5-storey 'unlimited ductility' MRF) 
Performing a linear regression analysis on the log of the data presented in figure 
5.2, a relation between the interstorey drift angle ()max and Sa may be obtained, in the 
form described by Eq. (5.3). Here, analysis of the response data yields 
() = 0.0345(S )0.96 
max a 
(5.4) 
The exponent in Eq. (5.4) is close to the value of unity suggested by Cornell et aL [2002]. 
The dispersion in Dine' determined as the square root of the mean squared deviation of 
the data points from the regression line, is summarised in Table 5.1. Estimates of the 
dispersion Dine are provided for the twenty considered seismic intensities. Note that the 
regression analysis on the data obtained having the structural system with randomised 
material properties subjected on a suite of ground records, yields dispersion estimates 
which account for aleatoric uncertainties both due to the seismic variability (as in the 
"2000 SAC/FEMA" method) and due to randomness in the material properties. 
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When considering the entire range of Sa from 0 to 2g this dispersion is found to be 
equal to 0.244. Use of this single standard error value (conditional standard deviation 
[Ang and Tang, 1975]), coupled with the lognormal capacities for 10, LS and CP 
postulated in chapters 3 and 4, results, through Eq. (5.1), in the fragility curves shown in 
figure 5.3. For comparison purposes, these fragility curves are plotted together with the 
mean curves estimated using the direct methodology presented in chapter 3. As can be 
seen, for the same nine records, the fragilities obtained from Eq. (5.1) compare quite 
well with the mean fragility curves based on the direct MC procedure. 
Table 5.1 ~c estimates at various intensity levels (5-storey 'unljmited ductility' MRF) 
Sa [g) ~B 
0.1 0.049 
0.2 0.058 
0.3 0.060 
0.4 0.086 
0.5 0.115 
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Figure 5.3 Fragility curves at CP, LS and 10 obtained from (a) direct MC and (b) the 
lognormal approximation (5-storey 'un)jmjted ductility' MRF) 
These results support further two of the fundamental assumptions involved in the 
"2000 SAC/FEMA" methodology: that (i) the fragility is well represented by a 
lognormal distribution and (il) a single standard error value may be used for the 
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uncertainty in the response demand, at least for the case of regular mid-rise steel frame 
with fully ductile joints. However, it is mainly the adoption of a constant standard 
deviation in the entire Sa range, which results in the closed-fonn derived L5' fragility 
curve deviating from the direct one. As can be seen by the values presented in Table 5.1, 
use of a constant value of 0.244 for the Oint- results in an overestimation of the dispersion 
in the demand at intensity levels, which are associated with the lower tail of the L5' 
structural fragility. The overvaluation of the conditional failure probabilities at low 
intensities can have a significant effect on the results of a seismic risk assessment. 
Fragility estimates may be optimised, repeating the procedure for the L5' performance 
level considering a narrower range of interest (identified from the previous analysis step) 
with respect to the Sa. 
In order to investigate the applicability of the closed-fonn fragility fonnulation in 
cases where the variability in the mechanical parameters and the likely damage are more 
pronounced, as in the case of steel frames with potential connection fractures, the 
procedure is repeated here for the 5-storey 'finite ductility' MRF. Figure 5.4 presents the 
structural responses, in tenns of interstorey drift angles, as obtained from nonlinear time 
history analyses on sample buildings generated through Me simulations. Once more, 
the responses are obtained by considering the same 9 earthquake records that satisfy the 
previously defined scaling criteria. 
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Figure 5.4 Maximum interstorey drift angle vs Sa (5-storey 'finite ductility' IilltF) 
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It is evident that the magnitude and the scatter of the estimated responses shown in 
figure 5.4 are significandy higher at intensity levels that exceed 1.0g when compared to 
those obtained for the 'unlimited ductility' MRF (see fig. 5.2). It has to be noted that in 
some cases, interstorey drift angles as high as 40% were obtained, without the modd 
structure becoming unstable. It is believed that these high values are typically associated 
with global dynamic instability phenomena, which, in general, are numerically 
manifested either through the non-convergence of the numerical solution, or, by an 
abrupt increase in the structural system response following small changes in the intensity 
measure. However, in order for the dynamic instabilities to be detected soldy through 
non-convergence, relatively accurate structural modelling needs be employed. If this is 
not the case, finite large demand values may also reflect collapse states. In an IDA 
analysis, these large demand estimates are likely to have been preceded by a relativdy 
flat branch and/or by an intermediate collapse area in the IDA curve. Figure 5.5 depicts 
the aforementioned phenomena by means of two IDA curves obtained having subjected 
two sample, 'finite ductility', buildings to different ground records (Campano Lucano 
295(Y) and Umbria Marche 595(Y)). In a departure from a typical IDA, the spectral 
ordinates of the accderograms are here increased at a constant step of O.lg up to 2g. 
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Figure 5.5 IDA curves illustrating indicators of dynamic instability preceding large 
demand estimates (two 'finite ductility' sample buildings) 
For such unrealistically high response demands, the validity of the structural modd 
is questionable and so is the magnitude of the interstorey drift angle estimates, which for 
unstable structures largdy depends on the convergence criteria of the numerical solver 
[Kwon and Elnashai, 2006]. Although the fragility formulation following the principles 
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of the direct Me is almost insensitive to these unrealistically large demand estimates, 
this is not the case in a closed-form fragility formulation, whereby these values are likely 
to affect the parameters of Eq. (5.3) and the overall uncertainty estimate. 
A possible way to deal with these cases is to exclude from further consideration, 
during the regression process, spectral acceleration intensities associated with a large 
number of unrealistically high structural responses. Similar results may be attained 
considering a threshold value for 81110>: over the entire Sa range and filter out the larger 
responses. Both of these approaches aim at excluding the spurious data. However, in 
the latter case, the effect of numerical instabilities (unrealistic drifts) can be retrieved in 
the fragility function by using the total probability theorem as follows [J alayer et ai., 
2007] 
P(C ~ DISa = Z) = P(C ~ DISa = Z,NL)(l- p(LISa = Z)) + p(LISa = Z) (5.5) 
where, P( LiS a = Z) is the probability of the demand being unrealistically large for a 
given Sa and P( C ~ DiS a = Z, NL) is the fragility given that very large demand 
estimates being disregarded. The latter fragility definition implies that the median and 
standard deviation of the demand are estimated by circumventing values which can 
erroneously affect the regression parameters. However, fragility estimates, are found for 
the examined case to be quite sensitive to the threshold value, since both the regression 
parameters and the evaluated dispersion are highly dependent on this choice. 
For the 'finite ductility' MRF, a regression analysis over the entire Sa range, yields a 
constant standard deviation Oinc of 0.403 (ranging between the intensity intervals from 
6.6% to 70.6%, see Table 5.2) and an equation for the maximum interstorey drift angle 
of the form 
8 = 0.0397(S )1.08 
11Iax a (5.6) 
Likewise, a regression on the data up to a Sa of 1.5g (i.e. setting arbitrarily a cut-off value 
for Sa at 1.5g, where 8
111
0>: values are in general below 20%) yields a Oint of 0.293 (ranging 
from 5.8% to 49.5% at 1.5g) and a power function for the maximum interstorey drift 
angle of the form 
8
111dX 
= 0.0370(SJ1.01 (5.7) 
Figure 5.6 depicts the fragility curves obtained using Eq. (5.6), for the three FEMA 
defined performance levels (10, Lf, Cp)o As can be seen in this figure, the correlation 
between the closed-form and the directly derived fragility curves is relatively poor, 
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mainly due to the use of a single standard error value and the effect of the spurious data 
on the regression equation. Figure 5.7 compares the same set of direct MC-based 
fragilities with those obtained using Eq. (5.7). The improvement is noticeable for all 
three perfonnance levels. Once again, the differences, which in certain Sa ranges are 
quite large, are mainly due to the use of a constant ~ across the whole Sa range. In 
relation to Eq. (5.7) and figure 5.7, it has to be mentioned that exclusion of data points 
is a highly subjective process, which questions the general applicability and statistical 
correctness of the latter approach. A regression analysis on data point clusters obtained 
at intensities more closely correlated to a single perfonnance level is likely to provide 
improved fragility estimates, especially at the [0 and LS perfonnance levels where the 
presence of the influential data is limited. 
Table 5.2 Oinc estimates at various intensity levels (5-storey 'finite ductility' MRF) 
Sa [g] 
0.1 
0.2 
0.3 
0.4 
0.5 
~s Sa [g] 
0.144 0.6 
0.094 0.7 
0.066 0.8 
0.095 0.9 
0.137 1.0 
p' 
0.9 
0.8 
0.7 
~ 0.8 
.... 
Q 
1\1 0.5 0 
I 
e 
Q.. o.~ 
0.3 
0.2 
0.1 .. 
.' 
~s Sa [g] 
0.190 1.1 
0.229 1.2 
0.275 1.3 
0.317 1.4 
0.359 1.5 
A 
.-
f1 
~s 
0.382 
0.393 
0.412 
0.447 
0.489 
Sa [g] 
1.6 
1.7 
1.8 
1.9 
20 
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Figure 5.6 Fragility curves at CP, LS and [0 obtained from (a) direct MC and (b) the 
lognonnal approximation (5-storey 'finite ductility' MRF and seismic responses from 
Eq. (5.6)) 
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Figure 5.7 Fragility curves at CP, L5' and 10 obtained from (a) direct MC and (b) the 
lognormal approximation (5-storey 'finite ductility' MRF and seismic responses from 
Eq. (5.7» 
Likewise, a regression analysis on the entire response data set for the 3-storey MRF 
with potential brittle connection fractures (see chapter 3) yields 
(5.8) 
The constant Ojne calculated from the demand data, obtained from nonlinear time-history 
analyses on sample buildings using 10 ground motion records, is 0.344 (ranging between 
the intensity intervals from 8.6% to 42.7%, see Table 5.3). Figure 5.8 depicts the fragility 
curves obtained at the 10, L5' and CP performance levels using Eq. (5.8), together with 
those estimated at the same levels through the direct MC method. As can be seen in 
figure 5.8, the fragility curves computed by the two methodologies are effectively 
equivalent at the L5' and CPo 
Table 5.3 Ojne estimates at various intensity levels (3-storey MRF) 
Sa [g] ~8 Sa [g] ~s Sa [g] ~. Sa [g) ~. 
0.1 0.086 0.6 0.369 1.1 0.331 1.6 0.392 
0.2 0.120 0.7 0.358 1.2 0.342 1.7 114\ 11 
(}3 0.210 0.8 0.341 1.3 0.354 1.8 0411 
0.4 0.329 0.9 0.327 14 0367 1.9 11419 
0.5 0.368 1.0 0.325 1.5 0.379 2.0 11427 
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Figure 5.8 Fragility curves at CP, LS' and 10 obtained from (a) direct MC and (b) the 
lognormal approximation (3-storey MRF and seismic responses from Eq. (5.8» 
Since the least squares linear regression is performed on the log of the data, a 
scatterplot of Sa and ()max on a logarithmic scale is an approximate, yet simple and 
efficient, way to determine whether the regression function is linear to the log of the 
independent variable (predictor) and if the error variance may be considered 
independent of the predictor (i.e. constant). Note that often graphical methods are able 
to detect problems with the regression models that can not be depicted by statistical 
tests [Cohen et al, 2003]. In cases where nonconstant variance is detected, corrective 
actions, such as the weighted least squares linear regression, may be employed. 
Figure 5.9 presents the scatterplots of the data obtained from MC simulations on 
the three buildings examined in this study. This figure demonstrates that, the scatter of 
()max is fairly constant over the whole Sa range for the low-rise MRF (see fig. 5.9a) and 
less so in the case of the mid-rise 'unlimited ductility' MRF (see fig. 5.9b). By contrast, 
for the mid-rise 'finite ductility' MRF, the scatter appears to increase continuously with 
Sa (see fig. 5.9c). 
It has to be noted that in general it is unlikely, through a single, closed-form, multi-
performance fragility assessment, to obtain accurate fragility estimates for the entire Sa 
range examined. This is especially true for structural systems where there is a high 
dependence of the dispersion Oin£ on the intensity Sa' By contrast, as is evident in figure 
5.8, which presents the fragilities for the 3-storey MRF, in cases where the assumption 
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of an independent to the intensity value of dispersion is reasonable (see Table 5.3), the 
correlation between the direct and the closed-fonn derived fragilities is satisfactory 
irrespective of the performance level under consideration. 
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Figure 5.9 Me data scatterplots in logarithmic scale for (a) 3-storey, (b) 'lmlimited 
ductility' 5-storey and (c) 'finite ductility' 5-storey MRFs 
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5.3.2 Weighted responses 
In order to deal with the spurious data detected in the 5-storey 'finite ductility' MRF, in 
this section, the closed-form fragility formulation is applied in terms of the statistical 
properties of the weighted responses. Weighting is carried out via a linear regression 
with nonconstant variance, whereby, observations in regions of small variance are given 
more weight than those in regions where the variance around the regression line is high 
[Ang and Tang, 1975]. The weighted least squares regression is one of the most 
common ways to deal with nonconstant variance (heteroscedasticity), whereby the 
parameters of the resultant regression equation are estimated by minimising the sum of 
the weighted squared errors. 
Assuming that the standard deviation for the 5-storey 'finite ductility' MRF, is a 
linear increasing function of Sa, the following equation for the interstorey drift angle 
demand may be obtained 
() = 0.0369(S )0.99 
max a (5.9) 
and, the corresponding standard deviation is found to be given as 
(5.10) 
It should be pointed out that the regression is performed on the entire set of the 
responses, without arbitrarily excluding certain intensity levels or response demand 
estimates. 
Figure 5.10 depicts the direct Me and the closed-form fragility curves for the 'finite 
ductility', 5-storey MRF. A mean constant demand uncertainty component of 33% was 
used in the closed-form fragility formulation. The closed-form fragility curves shown in 
figure 5.10, although substantially improved regarding the case where structural 
responses have been evaluated by means of a constant variance regression analysis on 
the whole data set (see fig. 5.6), are quite S1milar to those being obtained through the 
exclusion of the data associated with high intensities (see fig. 5.7). This was somewhat 
expected on account of the fact that both approaches concentrate the regression effort 
in regions of lower variance, either by giving less weight to or by excluding the spurious 
data. Since identifying and excluding spurious data from further consideration involves a 
certain amount of subjective judgement, the weighted least squares linear regression is 
considered superior. 
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Figure 5.10 Fragility curves at CP, I.S and 10 obtained from (a) direct MC and (b) the 
lognormal approximation (5-storey 'finite ductility' MRF and seismic responses from 
Eq. (5.9)) 
5.3.3 Intensity measure-based fragility formulation 
When discussing the alternatives for dealing with large response estimates, associated 
with global instability phenomena, it is necessary to consider a fragility formulation, 
which is evaluated as a distribution of the intensity measure values which lead to 'failure' 
[Jalayer and Cornell, 2003; Pinto, 2007]. 1bis is because, in principle, this distribution is 
insensitive to the spurious data. This methodology is based on the following assumption 
regarding the fragility 
(5.11) 
where, S: is the maximum spectral acceleration that the structure can sustain prior to 
'failure'. Assuming also that S: is lognormally distributed Eq. (5.11) takes the form 
(5.12) 
where, S: and f3 SF are the median and the logarithmic standard deviation of the S:. The 
• 
distribution of the maximum spectral accelerations that the structure can sustain prior to 
'failure' is readily available in cases where the IDA is employed. In this case, the 
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distribution of the S: is obtained through the points where the IDA curves intersect the 
capacity limit (or equivalendy the unit demand to capacity ratio) under consideration 
(see fig. 5.11). 
1 Y 
Figure 5.11 S: evaluation via IDA (Y represents the demand to capacity ratio) (pinto, 
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Figure 5.12 Fragility curves at CP, LS and 10 obtained from (a) direct Me and (b) the 
intensity measure-based fragility fonnulation (S-storey 'finite ductility' MRF) 
However, here, in order to obtain an intensity measure-based fragility by means of 
a multiple-stripe analysis, a certain amount of post-processing is needed. This involves 
evaluating the number of 'failed' samples at each intensity stripe, excluding the samples 
which were found to have 'failed' at lower intensities. This process, which implies that 
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the structural demand is a monotonically increasing quantity with respect to the seismic 
intensity, provides the probability density function and the parameters of the lognonnal 
distribution of the maximum spectral acceleration that the structure can sustain prior to 
'failure'. 
Although the problem of the large response demand values is diminished, it was 
found that the methodology applied to the 5-storey 'finite ductility' MRF does not 
necessarily improve the fragility estimates (see fig. 5.12) when compared to the 
previously discussed approaches for dealing with the spurious data. 1bis was mainly 
attributed to inaccuracies stemming from the assumption of lognonnality for the S: . 
5.3.4 The "2000 SAC/FEMA" method 
Having examined the applicability of the closed-form fragility formulation and its 
potential limitations, the study considers here the "2000 SAC/FEMA" methodology 
(see section 2.6). Application of this methodology considers the deterministic 'mean' 
structural system while the randomness and spatial variability in mechanical parameters 
is ignored. For this reason, the methodology will not be applied to the low-rise frame 
with potential pre-yield connection fractures. This part of the study is mainly focused on 
quantifying the effect of randomness in material and joint rotation capacity 
characteristics on the structural fragility. The effect of material randomness on the 
overall response variability has been previously addressed (e.g. by Kwon and Elnashai 
[2006] in a fragility study of a low-rise regular reinforced concrete MRF). By contrast, to 
the author's knowledge, the effect of the random joint rotational capacity has not been 
explicidy quantified within a full probabilistic context in previous studies. For instance, 
although the effect of joint failures has been addressed in the past by Luco and Cornell 
[2000] this was done solely through sensitivity studies. 
With respect to the 5-storey 'unlimited ductility' MRF, the 'mean' frame refers to a 
structural model where all section yield strengths have been set to their mean values. 
Nonlinear dynamic analyses on this single frame, using mean material properties and 
nine earthquake records, result in a considerable reduction of the simulation effort, since 
the required number of analyses at each intensity level is 9 as opposed to 1800 (20Ox9). 
Figure 5.13 depicts the seismic demands in the 0 to 2g Sa range together with the power 
function regression fit. It is quite clear that the latter is in very close agreement with Eq. 
(5.4), which was obtained by taking into account material variability. Furthermore, the 
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estimate for ~c obtained using the "2000 SACjFEMA" is identical to its counterpart, 
which accounts for material uncertainty. This fact demonstrates that the effect of the 
material variability, at least for this regular steel MRF, is considerably less than the 
scatter induced by the larger ground motion variability and hence may be ignored. This 
conclusion is believed, in general, to be well-founded for regular steel buildings since, 
contrary to concrete, in steel construction it is not anticipated for the material properties 
(i.e. yield strength) to have a significant spatial variation which can, in turn, affect the 
overall uncertainty. 
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Figure 5.13 Interstorey drift angle vs Sa (mid-rise 'unlimited ductility' 'mean' MRF) 
A further, more detailed, insight into the way material properties contribute to the 
median and scatter of the structural responses can be obtained by comparing, at various 
intensity levels, the median 0 max and the dispersion Oinc from analyses on the 'mean' and 
multiple frames. As seen in figure 5.14 the median Om=, is almost the same for both 
approaches. On the other hand, the dispersion is found to be slighdy smaller for the 
case of multiple frames. Since the Omax statistics, obtained from least squares regression 
fits on results of nonlinear dynamic analyses to the 'mean' and multiple frames, are 
almost identical, it is expected the fragility curves derived from these two approaches 
using a closed-form formulation will also be almost identical. In addition, a comparison 
(see fig. 5.14) of the responses predicted by the regression equations with the sample 
median (Me data median), estimated at each intensity level as the exponential of the 
average of the natural logarithms of 1800 samples (e EQnfJ.",), reveals that in this 
particular case the response demands are well fitted by a power law curve. 
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Figure 5.14 Comparison of ()max and Oint: between 'mean' and multiple frames (mid-rise 
'unlimited ductility' MRF) 
Further, in order to evaluate the effect the joint rotational capacity randomness on 
the main statistical characteristics of the structural responses, the "2000 SAC/FEMA" 
methodology is extended to the mid-rise, 'finite ductility' MRF. Here, all analyses are 
performed on a single frame model, with its material and joint rotational capacity 
properties assigned their mean values. TIlls particular 'mean' frame definition ignores 
not only the randomness but also the spatial variability of the joint properties, which 
was explicidy taken into account while analysing the multiple frames, and was 
anticipated to give rise to different failure modes. 
The nonconstant OinG estimated from a weighted least squares linear regression on 
the responses of the 'mean' frame is 0.304(SJ as opposed to the 0.330(SJ evaluated 
considering the 200 sample buildings. Figure 5.15 depicts the response statistics as these 
are obtained from the 'mean' and multiple frames. As can be seen in figure 5.15 the 
statistical parameters (median and dispersion) based on the 'mean' frame are in good 
agreement to those obtained considering multiple frames. TIlls implies that, at least for a 
regular steel MRF with connections constructed to acceptable quality levels, the scatter 
in response is dominated by the randomness in earthquake excitation and not by the 
random joint response characteristics and their spatial variation. In light of these 
observations, randomisation of joint response characteristics appears not to be 
warranted in cases where the definition of the 'mean' frame is possible. In addition, the 
low correlation of the regression equation with the sample median values reveals that 
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the evaluated responses, including the influential data, deviate from linearity in the log-
log space. 
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5.4 Fragility formulation based on nonlinear static analysis 
5.4.1 Background theory 
Among the most popular methods for estimating the response demands of a structural 
system undergoing inelastic defonnations are, the rigorous, but computationally 
expensive nonlinear time history analysis and the various approximate but less 
computationally demanding techniques based on the results of the nonlinear static 
(pushover) analysis. The pushover analysis, despite its limitations and the lack of a 
robust theoretical background [Krawinkler, 1996], constandy gains ground within the 
engineering community. Fairly recendy, procedures for defining the response demand at 
a given earthquake intensity based on the pushover analysis, such as the capacity 
spectrum method [Freeman et aI., 1975] and the N2 method [Fajfar, 1999; Fajfar, 2000] 
have been proposed in guidance documents [ATC 40, 1996] and design codes [EN 1998-
1,2004]. 
In its most basic fonn, the pushover analysis can be seen as a sequence of 
nonlinear static analyses [Moghadam, 2002], whereby, the structure under consideration 
is subjected to a monotonically increasing invariant lateral load pattern (typically a static 
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representation of the first mode of vibration). The analysis is carried out to the point of 
the structure reaching a predefined target displacement, which is typically related to the 
roof leveL In the way described here, the method is based on the assumption that the 
structural response is controlled by a single mode of vibration. Furthermore, it is also 
assumed that this mode shape remains unchanged as the structure deviates from its 
elastic state. The main implication of these assumptions is that the response of the 
MDOF can be approximated by that of an equivalent SDOF [Krawinkler, 1996]. The 
method is known to yield satisfactory results mainly for low and mid-rise buildings, 
provided that a single mode is domjnant. 
In an attempt to extend the range of applicability of the pushover analysis, several 
researchers have proposed modified versions, which either account for higher mode 
effects [Chopra and GoeL 2002] or implement adaptive load patterns [Gupta and 
Kunnath, 2000; Antoniou et al, 2002]. Adaptive load patterns essentially endeavour to 
track changes in the distribution of inertia forces, following alterations of the structural 
dynamic characteristics due to the formation of plastic hinges. Despite the fact that 
adaptive techniques seem to provide improved estimates for the response demands, 
their advantages are counterbalanced by the increased computational cost as well as 
their relative complexity. By contrast, the modal pushover analysis can be seen as a 
procedure where the MDOF is approximated by a series of Equivalent Single Degree 
Of Freedom (ESDOF) systems, related to the most significant modes. Thus, the modal 
pushover analysis, proposed by Chopra and Goel [2002], retains the simplicity of the 
fundamental pushover formulation, in terms of the invariant load pattern, while 
accounting for higher modes of vibration, which may contribute significantly on the 
structural response. 
As mentioned previously, the nonlinear static methodology in its basic form, which 
is adopted in the present study, involves evaluation of the MDOF response demands on 
the basis of a single ESDOF system. The properties of the ESDOF are determjned 
from a pushover analysis on the MDOF under an invariant lateral load pattern. A 
detailed description on how to approximate a MDOF system with an equivalent SDOF 
system is given by Fajfar [2000]. When performing a pushover analysis the applied 
distribution of lateral forces is of paramount importance. However, a force distribution 
* S of the form, 
(5.13) 
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where, m is the mass matrix of the structure and <P1 the elastic fundamental mode 
displacement vector, can be considered a reasonable choice in cases where the response 
of the structure is dominated by the fundamental mode of vibration. The 
aforementioned distribution is unique in that it produces displacements proportional to 
the <P1 as long as the structure remains elastic [Chopra and Goel, 2002]. 
Having performed the pushover analysis, the pushover curve, which typically yields 
the base shear V in terms of the roof displacement Dr, is transformed into a bilinear 
curve (see fig. S.16a). 1bis bilinear approximation is carried out in order to obtain the 
properties of the MDOF, namely its yield strength ~, its elastic stiffness kMDOF, and a 
hardening or softening post-yield stiffness akMDOF" For this type of approximation, some 
engineering judgement is required. Several researchers have adopted different ways in 
order to idealise the pushover curve [e.g. Fajfar 1999; Chopra and Goel2002]. Once the 
bilinear pushover curve has been obtained, the properties of the ESDOF system (see 
fig. S.16b, force V, and displacement, D) may be determined according to the 
following equations [Chopra and Goel, 2002] 
V*= V 
T, 
D*=~ 
T,'Pr' 
(5.14) 
(5.15) 
where 'P is the first mode shape value at the roof level (usually equal to one following 
, r' 
appropriate normalisation of the displacement shape vector cp 1) and T, is the 1 sl mode 
participation factor, which is defined as [Chopra, 2001] 
n 
Lmi'Pi' 
T =-!....i __ 
1 1/ 
Lmi'P:' 
i 
m (5.16) 
where, mi is the mass at the i th storey, n is the number of storeys, 'Pi' is the first mode 
shape value at the i th storey and m* is the equivalent mass of the SDOF system. The 
elastic period of vibration 1 of the 1 sl mode ESDOF system can be determined as 
(5.17) 
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Moreover, the damping ratio (of the first mode ESDOF system may be considered 
equal to that of the 1 st mode of the elastic MDOF system. 
v 
(a) (b) 
Figure 5.16 (a) Bilinear base shear vs roof displacement and (b) force vs displacement 
curves for the MDOF and ESDOF systems, respectively 
Once the properties of the ESDOF have been detennined, its response demands, 
at a particular seismic intensity, may be evaluated using either the capacity curve 
(obtained dividing the forces V by the equivalent mass) coupled with a highly damped 
elastic or an inelastic spectrum, or by performing nonlinear time history analyses on the 
nonlinear ESDOF system. The latter approach is adopted in this study. The equation of 
motion that governs the response of the ESDOF system can be written as 
(5.18) 
Eq. (5.18) may be considered as the governing equation of motion for the first mode 
equivalent inelastic SDOF system, having the vibration properties (i.e. period and 
damping ratio) of the first mode of the elastic MDOF system. Eq. (5.18) may not 
necessarily be restricted to the first mode and similar equations may be obtained for 
other significant vibration modes. In these circumstances, the estimated responses are 
combined following the principles of the modal pushover analysis [Chopra and Goel, 
2002]. 
Having obtained the ESDOF maximum response, it may then be used through Eq. 
(5.15) to evaluate the maximum roof displacement demand for the MDOF system. 
Moreover, the drifts for the other storeys, assuming a fixed deflected shape during the 
structural response, may be evaluated as 
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(5.19) 
Finally, the maximum interstorey drift angle may be obtained by (Jeong and Elnashai, 
2007] 
() = max 1 1-1 [I D . -D. I] 
max i h. 
1 
(5.20) 
5.4.2 Case study 
The methodology described in section 5.4.1 is here applied to the mid-rise 'unlimited 
ductility' MRF. Since the material variability was found to have little effect on the 
response statistics, it was here disregarded. Accordingly, the nonlinear static analysis was 
performed on the 'mean' frame. However, it should be noted that the methodology can 
be extended to accommodate the randomness in material properties. That may be 
accomplished by perfonning a series of pushover analyses on MC-generated sample 
buildings having their material properties randomised. This procedure would yield an 
assembly of pushover curves (see fig. 5.17) based upon which, the properties of the 
ESDOF oscillator would become random variables. 
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Figure 5.17 Pushover curves for 200 MC simulated building realisations ('unlimited 
ductility' s-storey MRF) 
Figure 5.18 depicts the pushover curve for the 'mean' frame, obtained under an 
invariant lateral force pattern of the form described by Eq. (5.13) and accounting for the 
P-delta effects. The bilinear idealisation of the pushover curve is also presented in the 
same figure. As was previously mentioned, the bilinear representation of the pushover 
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curve reqwres a certain amount of engineering judgment. In this case, the idealised 
pushover curve has been defined as an elastic, perfectly plastic curve based on the equal 
energy rule. According to this rule, the areas under the actual and idealised curves until 
the formation of a plastic mechanism should be approximately equal. The deformation 
associated with the formation of a plastic mechanism was set at a 5% roof drift (=O.9m), 
which is the drift associated in this study with the CP performance level The elastic 
branch of the idealised curve was assumed to be tangential to the nonlinear curve at the 
origin. Following the approximation of the pushover curve, the parameters V and V-
of the ESDOF system were obtained through the use of equations (5.14) and (5.15). 
These parameters are also plotted in figure 5.18. Accordingly, the yield strength and 
displacement of the ESDOF were found equal to 415kN and O.142m, respectively. 
Finally, the elastic period 1 of the ESDOF, evaluated from Eq. (5.17), was found equal 
to 1.26sec. The latter value is very close to the period of the elastic MDOF system, 
being equal to 1.25sec and evaluated from the modal analysis (see section 4.3.7.1). 
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Figure 5.18 Bilinear idealisation of the pushover curve and properties of the inelastic 
ESDOF system 
Following the aforementioned procedure, the max11D.um ESDOF deformations 
were determined at different earthquake intensity levels through nonlinear time history 
analyses of the nonlinear oscillator. A non-degrading hysteretic model was adopted for 
the SDOF system, whose skeleton curve is given in figure 5.18, while the same nine 
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ground motion records, scaled up to a Sa of 2g in increments of O.lg, were used. 
Comparisons with MDOF results were made by converting the V* solution of Eq. 
(5.18) into (}",ax through Eq. (5.19) and (5.20). 
Prior to moving forward with the derivation of ESDOF-based fragility curves, 
some insight can be gained into the accuracy of the simplified methodology. Figure 5.19 
depicts a scatterplot pertaining to the 5-storey 'unlimjted ductility' MRF. The figure 
compares the maximum interstorey drift angles obtained through nonlinear time history 
analyses either of the ESDOF (denoted in the figure as ESDOF (}",aJ or of the detailed 
'mean' MDOF model (denoted in the figure as MDOF (}",aJ. As can be seen in this 
figure, the correlation between the evaluated responses from the two different 
methodologies is rather high especially at drift angle levels associated with limited 
nonlinearities. It should be pointed out though that having adopted a more refined 
analytical model for the actual MDOF system (especially in tenns of the hysteretic rules 
for the structural elements and joints) could have resulted in a reduction to the degree 
of correlation. 
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Figure 5.19 Scatterplot comparing (}11Iax estimated by the ESDOF and MDOF systems 
In order to quantify the accuracy of the ESDOF approximation, a variable known 
as bias factor (bf) is employed. The bias factor for the response quantity is defined here 
as the 'median' of the ratio MDOF (}11Iax /SDOF (}11Ia.,~ Note that here the tenn 'median' 
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refers to the exponential of the average of the natural logarithms of the (MDOF O",d" 
/SDOF Om,J whereas the dispersion refers to the standard deviation of the natural 
logarithms of (MDOF Omax /SDOF Om,J. It has to be mentioned that the evaluated 
dispersion reflects the epistemic uncertainty component prompted from the 
approximation of an MDOF system with an equivalent SDOF. The statistics of the bias 
factor may be evaluated by perfonnjng a one parameter log-log linear regression of 
MDOF Omax on ESDOF Omax [Luco et 01., 2003]. The regression equation may be written 
as 
In(MDOFO max) = In(lif) + In(ESDOF 0 max) (5.21) 
The least squares regression analysis yields for the case in hand a 'median' bias factor 
equal to 1.014 and a dispersion about the regression fit of 0.158. As the 'median' value 
of the lifis slighdy larger than one, the ESDOF appears to underestimate marginally the 
response. Furthermore, the fact that the bias factor has a value close to unity and a 
relatively low dispersion indicates that the ESDOF methodology is rather efficient in 
predicting the interstorey demands of the MDOF model. Similar statistics for the bias 
factor, have been reported in past studies, which also adopted equivalent SDOF 
methodologies for a range of steel and concrete structures [e.g. Collins et 01., 1996; Jeong 
and Elnashai, 2007]. 
Although the efficiency of the ESDOF methodology, in predicting interstorey drift 
demands, has been demonstrated here for a single case study, it is believed that the 
procedure can provide quite accurate seismic response estimates in cases of regular 
building configurations where their response is controlled by a single mode. If this is not 
the case the contribution of higher modes should be taken into account, either 
approximately (e.g. through the modal pushover analysis [Chopra and Goel, 2002]) or 
accurately by employing a MDOF nonlinear time history analysis. 
Although not presented here, the ESDOF responses were found to display a 
certain degree of sensitivity to the assumed strain hardening of the equivalent oscillator. 
More specifically, by and large, it was found that the consideration of a non-zero post-
yield stiffness in the ESDOF's hysteretic model resulted in slighdy worse estimates of 
the global structural responses, when compared to those obtained by means of an elastic 
perfecdy plastic oscillator (1if=1.084). Nonetheless, in order to draw further conclusions 
regarding the general applicability of the elastic perfecdy plastic oscillator, further 
verifications are needed. Given the computational advantages of the ESDOF 
methodology, these verifications may be carried out by means of a small number of time 
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history analyses performed on the MDOF system. The bias factor may then be 
estimated and the epistemic uncertainty due to the simplification of the structural model 
quantified and thus incorporated in the closed-form fragility formulation. 
Here, a regression analysis on the ESDOF responses obtained from rune 
earthquake records incrementally scaled up to 2g, yields for the median structural 
response 
() max = 0.0337(Sa )0.94 
and a dispersion 0i1U for the whole Sa range of 0.268. 
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Figure 5.20 Fragility curves at CP, Lf and 10 obtained from methodologies based on 
ESDOF and MDOF systems 
The seismic fragilities are again computed using the fragility formulation defined in 
Eq. (5.1) and ignoring the epistemic uncertainties stemming from the ESDOF 
approximation. Figure 5.20 depicts the fragility curves at the three performance levels 
(10, Lf and Cp) as obtained having the structural demands evaluated by means of the 
ESDOF system. For comparison purposes, the results are presented together with 
fragilities obtained having evaluated the response statistics by means of nonlinear time 
history analyses on the 'mean' MDOF structural model coupled with the application of 
the "2000 SAC/FEMA" methodology. Figure 5.20 demonstrates that the two 
approaches yield fragility estimates for the 5-storey 'unlimited ductility' MRF which are 
in close agreement. Thus, under certain circumstances (e.g, regular frames, dynamic 
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response dominated by a single mode, p-~ insensitive structures ect), the ESDOF 
methodology presented here may be considered as a viable alternative for accomplishing 
an analytical fragility formulation. 
5.5 A simplified fragility assessment for steel MRFs accounting 
indirectly for potential joint failures 
As seen in chapter 4, potential joint failures can have a significant effect on the 
structural fragility at high performance levels (CP). By contrast, at lower intensity levels 
their effect is more likely to be small. In general, a correlation exists between the 
interstorey drift levels (global demands) and the local rotational demands. For this 
reason, it may be concluded that, for performance levels paired with interstorey drift 
angle limits lower than the mean joint rotational capacity, seismic fragilities can be 
evaluated based on models with fully ductile joints. Otherwise, the structural modelling 
should regard a limit in the joint's rotational capacities. 
Since not all commercial software packages have joint fracture elements available in 
their libraries, a simplified alternative approach is proposed here. The responses 
obtained from this approach are only approximate and should be viewed chiefly as best 
estimates given limitations in the available analytical tools and time constraints. 
The procedure utilises the 'mean' frame with fully ductile joints, as defined 
previously for the 'unlimited ductility' case. The response demands are evaluated 
through nonlinear time history analyses considering incrementally scaled ground motion 
records. This process is repeated for each record until the interstorey drift angle at any 
floor level is found to exceed the assumed deterministic joint rotational capacity. At this 
stage, the responses at the specific intensity level are substituted with those evaluated by 
replacing the joints in the critical storey with pins and repeating the analysis. Once the 
drift demands are obtained following the aforementioned methodology, a regression 
analysis on the entire data set is performed to obtain the response statistics. It should be 
mentioned that there is no robust theoretical background behind this process. Although 
the MRF with its joints replaced by pins roughly approximates the post-earthquake 
condition of a structure with joint failures, it certainly does not reflect its elastic state. 
The only physical justification of the method is that it approximately detects earthquake 
intensities and locations where damages in joints are expected and estimates the 
responses at these levels through pre-damaged structural configurations. 
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Here the proposed approach is applied to the 5-storey 'mean' frame with fully 
ductile joints in order to evaluate the seismic fragility of the 'finite ductility' MRF. 
Application of a weighted least squares regression analysis (see section 5.3.2) leads to 
() = 0.0366(S )0.98 
max a (5.23) 
and 
(J!tu = 0.333(S a) (5.24) 
Figure 5.21 depicts the fragility curves at the three FEMA performance levels obtained 
using the proposed methodology. Also shown in the same figure are the fragility curves 
obtained using MC-generated 'finite ductility' samples coupled with a weighted response 
approach (see section 5.3.2). Comparison of these fragility curves and equations (5.23) 
and (5.24) with (5.9) and (5.10), respectively, reveals that the proposed methodology 
appears to be rather accurate. 
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Figure 5.21 Fragility curves at CP, LS and 10 obtained from (a) Eq. (5.9) and (b) Eq_ 
(5.23) 
5.6 Concluding remarks 
In this chapter, different ways of obtaining analytical fragility curves were investigated 
and appraised. The work was carried out with reference to the 3- and 5-storey MRF s 
examined in chapters 3 and 4, respectively. 
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Based on the assumption that the direct MC fragility methodology used in chapters 
3 and 4 provides the most accurate and robust fragilities, the results of the closed-form 
fragility formulation, widely used the last few years, were compared against the former. 
These results confirmed that the lognormal distribution, provides a viable representation 
of seismic fragilities. The possibility of using a single standard error for the response 
demand uncertainty, in a multi-performance fragility assessment, was also explored and 
found to be satisfactory. In the presence of spurious data, associated with unrealistically 
large demands, the efficiency of several systematic methodologies in minimising their 
effect on the response statistics was also considered in a novel way. Notwithstanding the 
scope of this study, which was limited primarily to a 5-storey, regular MRF typology, the 
weighted least squares linear regression was found to be the most promising method. 
Following this investigation, further insight on the degree by which various 
uncertainties influence the overall response variability, was obtained by means of the 
"2000 SAC/FEMA" methodology. It was found, through studies on a regular structural 
configuration, that the yield strength variability as well as the joint rotational 
randomness and spatial variation, have little effect on the response uncertainty, which is 
dominated chiefly by the ground motion characteristics. Therefore, in light of the 
aforementioned findings, it is anticipated the "2000 SAC/FEMA" methodology may be 
used by practicing engineers for performing a rapid, and of reasonable precision, seismic 
fragility assessment of individual buildings. These attractive features of the "2000 
SAC/FEMA" method make it the most likely methodology to be used in loss 
estimation procedures, which require fragilities for a large inventory of structures. It has 
to be borne in mind that, in cases where the structural capacity displays a significant 
spatial variation, mainly due to poor construction quality, or in cases where plan or 
height irregularities are large enough to give rise to the capacity related uncertainties (e.g. 
joint ductility characteristics), the MC-based reliability methodology developed in this 
study provides at present the better alternative. 
The last two sections of this chapter focused on exploring two additional simplified 
methodologies, which were based on the definition of the 'mean' frame. The first 
approach explored the possibility of performing a probabilistic fragility analysis by 
evaluating the structural demands based on nonlinear static (pushover) methods. The 
results, related to the 5-storey MRF with fully ductile joints, revealed that an ESDOF-
based approach is capable of yielding fragilities, which are in good agreement with those 
obtained having evaluated the structural responses from nonlinear time history analyses 
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on the detailed 'mean' MDOF system. In the second simplified yet novel approach, a 
fragility assessment, which accounts for potential joint failures through the use of pins, 
was also found to be in good agreement with that based on the 'finite ductility' MC-
generated MDOF samples. Despite the encouraging results, both of the aforementioned 
methods are in principle subject to the same limitations with the "2000 SAC/FEMA". 
125 
Chapter 6 Conclusions 
Analytical probabilistic fragility curves are at the moment, given the lack of sufficient 
field data, an important ingredient for loss estimation procedures. During the last few 
years, this area has attracted considerable research. Despite this, analytical fragility 
studies for steel MRFs are relatively few, with those devoted to European-designed 
buildings being even fewer. In addition, very little effort has, so far, been invested 
towards appraising alternative simplified probabilistic methodologies by means of a 
benchmarking tool. In light of these observations, in this thesis, an analytical 
probabilistic fragility methodology for the seismic assessment of steel MRF s was 
developed. The proposed methodology provides a novel technical framework for 
performing a seismic fragility assessment on steel MRFs. Its robustness was verified 
through comparisons with previous studies in chapter 3 and further applied in chapter 
4. In the former case a pre-Northridge low-rise U.S.-designed MRF with potential brittle 
connection fractures was considered. In the latter case, a low-rise, Ee8-designed, MRF, 
which was modelled with or without fully ductile joints, was investigated, thus allowing 
some general comments to be made on the Ee8 provisions. 
In the developed fragility methodology, the structural demands were evaluated 
through nonlinear time history analyses, on Me-generated building samples, using an 
ensemble of European ground records. Although computationally demanding, the novel 
methodology is straightforward, in that it involves only a limited number of 
assumptions. It is also provides considerable insight since the different components 
contributing to the seismic fragility are clearly identifiable in the proposed step-by-step 
process. Accordingly, the effects of the capacity-related uncertainties such as the joint 
failures as well as the uncertainties associated with the ground record characteristics on 
the fragility were quantified within a probabilistic context. 
The thesis concluded by exploring the robustness of a number of alternative 
simplified fragility methodologies. The fact that very few assumptions were involved in 
developing the proposed methodology, presented in chapters 3 and 4, allowed it to form 
a benchmark against which the approximate methods could be compared. These 
comparisons aimed mainly at providing practical guidelines to engineers, involved in 
probabilistic seismic design or assessment studies, as to how and in which cases 
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approximate methodologies could be used, with reasonable accuracy, for fragility 
estimation. 
Section 6.1 provides a detailed summary of the main conclusions drawn from this 
thesis, while section 6.2 proposes avenues for future research. 
6.1 Summary of work and general conclusions 
Chapter 3 presented a novel methodology for the fragility assessment of regular steel 
MRFs. This methodology was developed and verified via a benchmark case study of a 
low-rise MRF, which was designed following U.S. design provisions and accounting for 
standard construction practice prior to the Northridge earthquake. The methodology 
involved a series of nonlinear time history analyses on MC-generated, 2-D frame, 
samples. Capacity-related uncertainties arising from the random material properties, the 
global joint characteristics and the structural perfonnance limits, as well as demand-
related uncertainties associated with an ensemble of European incrementally scaled 
ground records, were direcdy incorporated into this methodology. The ground records 
were scaled using as an intensity measure the elastic spectral acceleration at the 
fundamental period of the structure. In the case of potential connection fractures, these 
were treated probabilistically using the distribution proposed by Matos and Dodds 
[2001], which was based on pre-Northridge beam-to-column joint tests. Statistical 
responses were obtained in tenns of the maximum interstorey and roof drift angles and 
compared with the probabilistically defined FEMA levels for 10, LS and CPo 
The work presented in chapter 3 revealed that, among all the uncertainties, the 
acceleration signature has the most profound influence on the seismic fragility curves, 
especially in the case of perfonnance levels associated with high damage levels (e.g. Cp). 
It was also demonstrated that these levels were associated with a larger variance. 
Further, it was found that (a) the interstorey drift angle is a more efficient damage 
measure than the roof drift angle and (b) based on the observed record-to-record 
variability, the efficiency of SlIt) reduces as the induced nonlinearity to the structural 
system increases. Aside from the previously mentioned issues, the broader goal of 
chapter 3 was to present the key aspects and, most importandy, demonstrate the validity 
of the proposed fragility methodology. To this end, by performing a seismic hazard 
analysis and comparing the results obtained in the fonn of annual exceedance 
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probability to those of other studies, chapter 3 demonstrated the robustness of the 
proposed fragility methodology. 
Following the work of chapter 3, chapter 4 focused on evaluating the effect of joint 
ductility on European steel MRF s as well as exploring the notional reliability levels of a 
typical, Ee8-designed building typology. Accordingly, fragility curves were obtained for 
a mid-rise (5 storeys), regular, Ee8-designed steel MRF at four perfonnance levels 
(three FEMA and one Ee8-defined). In order to account for potential joint failures, and 
given the lack of an analytical model for evaluating the expected rotational capacity in 
European connection typologies, an empirical equation was first developed based on 
existing experimental studies. The proposed simplified model effectively defined the 
total plastic rotational capacity of beam-to-column joints as a function of the beam 
depth. 
Application of the proposed fragility methodology to the EC8-designed MRF, 
accounting once more for material and performance uncertainties as well as random 
joint rotation characteristics, revealed that the effect of the joint rotation capacity is 
appreciable in the median fragility curves corresponding to high demand/response 
levels. However, at perfonnance levels, which were associated with low levels of 
structural nonlinearity, the effect of joint failures on the median fragility was found to be 
small and could, therefore, be disregarded in the light of software and time constraints. 
It was also demonstrated that, given a ground record, the structural system's response 
up to moderate levels of ground shaking intensity is almost deterministic. Consequendy, 
this observation suggested that, at these levels of intensity, the capacity-related 
uncertainties could be ignored. 
In the case of the 5-storey MRF, not all fragility curves exhibited a monotonic 
behaviour. This behaviour, which was captured through the proposed methodology, 
highlights, to a certain extent, potential intensity (SJ and/ or damage measure 
(interstorey drift) deficiencies. In the final part of chapter 4, a hazard analysis was 
carried out, which demonstrated that the reliability of the 5-storey MRF, designed to 
Eurocodes 8 and 3, was satisfactory, provided acceptable construction quality had been 
achieved. 
In chapter 5, the study addressed the efficiency of alternative simplified 
probabilistic methodologies for performing an analytical seismic fragility assessment of 
steel MRF s. The work was carried out for the two steel MRF s considered in chapters 3 
and 4. On this basis, different approaches, all of which were centered on the lognormal 
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approximation of the fragility and using a variety of tools for the statistical treatment of 
the data, were considered. This investigation revealed that, in the absence of spurious 
data, the lognormality of the seismic fragility and the use of a single standard error in a 
multi-perfonnance fragility formulation are both reasonable assumptions, which can 
yield satisfactory results. Among the different approaches examined for dealing with the 
unrealistically large structural demands, the weighted least squares linear regression was 
found to be the most efficient and theoretically robust. 
Comparisons between the response statistics based on the 5-storey MC-generated 
building samples and the 'mean' building, obtained by substituting all random variables 
with their mean values, revealed that yield strength variability, as well as joint rotational 
randomness and spatial variation, have relatively little effect on the response uncertainty. 
The latter was found to be governed mainly by the ground motion uncertainty. This 
observation, along with those related to the lognormality assumption for the fragility 
and the use of a single standard error, further support the most fundamental 
assumptions of the "2000 SAC/FEMA" methodology. 
The last two sections of chapter 5 explored the efficiency of two alternative 
probabilistic fragility methodologies. The first approach involved performing a 
nonlinear static analysis (pushover) on the MDOF system and dynamic analyses on an 
equivalent SDOF oscillator for evaluating the structural demands. The alternative 
method for evaluating the structural demands, which has been considered in previous 
studies and reduces considerably the computational effort, was proven to be rather 
accurate by means of a case study carried out on the 5-storey MRF with fully ductile 
joints. As a by-product of this work, the epistemic uncertainty associated with modelling 
simplification, was quantified. The chapter concluded by presenting a simplified yet 
novel approach for dealing in an approximate manner with joint failures. The proposed 
method accounted for joint failures through the use of pins instead of special fracture 
elements. Despite its approximate nature, the methodology was found to yield very 
good results. As an overall outcome, based on the exploratory studies undertaken in 
chapter 5 on the efficiency of a range of simplified methodologies, it may be said that 
the use of approximate methods in practical applications, given relatively regular 
structural configurations and homogeneous capacity characteristics, could yield fragility 
estimates of reasonable accuracy. 
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6.2 Recommendations for future research 
This work developed an analytical framework and presented potential alternatives for 
performing a probabilistic seismic fragility assessment of steel MRF s. Based on the 
findings of the present study and considering the assumptions and limitations involved, 
the following topics are proposed for future research: 
a. The work presented in this thesis focused on the seismic fragility assessment of 
regular steel MRFs. Further research should be carried out on irregular buildings 
in order to quantify the effect of plan/elevation irregularities on the seismic 
fragility as well as explore the viability of simplified methodologies in such cases. 
b. The uncertainty related to the definition of the performance levels is high. More 
analytical and experimental work is needed, especially as the structure 
approaches the collapse state, in order to develop more accurate capacity models 
under cyclic loading and quantitative relationships between performance levels 
and drift or other limits. 
c. The results presented in this thesis were based on simplified structural models 
consisting of beam elements. Comparisons with more refined models will result 
in quantifying the epistemic uncertainty component due to simplified modelling. 
Additional implications stemming from other modelling idealisations and 
choices (e.g. soil-structure interaction being ignored, use of Rayleigh damping, 
lumped mass approximation, effect of concrete slab being disregarded ect) need 
also to be quantified within a probabilistic context. 
d. The observed seismic response irregularities point towards the need for more 
efficient damage and intensity measures, which would result in a monotonic 
behaviour and a reduction in the fragility variance. 
e. The criteria for the selection and the optimum number of earthquake records 
required in a fragility formulation still remains an issue, which is worthy of 
further research. 
f. There is a strong need for future experimental studies in the European region, 
investigating the cyclic behaviour of steel beam-to-column joints, to adopt 
common features and testing procedures. This uniformity will allow more 
meaningful comparisons to be undertaken as well as the formation of a detailed 
and common, throughout Europe, experimental database. 
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g. The simplified fragility methodology based on the nonlinear statlc analysis 
should be extended to consider other steel MRFs with potential joint failures. 
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Appendix A Seismic scenario 
A.I Seismic scenario for the 3-storey MRF 
The seismic scenario used for the 3-storey MRF is given in tenns of Table A.1 which 
lists the selected ground records and some of their key properties. 
Table A.I Properties of the selected ground records (3-storey MRF) 
No Earthquake name Date Mw Epicenttal distance pga {km~ {m/sec2~ 
196 Montenegro 15/04/1979 6.9 25 ~.453 
197 Montenergo 15/04/1979 6.9 24 2.880 
202 Montenegro 15/04/1979 6.9 56 0.410 
244 Valnerina 19/09/1979 5.8 39 0.386 
291 Campano Lucano 23/11/1980 6.9 16 1.526 
295 Campano Lucano 23/11/1980 6.9 58 0.381 
336 Preveza 10/03/1981 5.4 28 1.402 
536 Erzincan 13/03/1992 6.6 65 0.286 
584 South Aegean 23/05/1994 6.1 64 0.387 
595 Umbria Marche 26/09/1997 5.7 25 0.380 
6264 South Iceland 17/06/2000 6.5 52 0.692 
Figure A.1 depicts the unsealed 2% elastic acceleration spectra pertaining to the 
ground records of Table A.1. 
Period. T [sec] 
Figure A.12% damped elastic acceleration spectra for the ground records used in the 3-
storey MRF fragility assessment and their mean 
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A.2 Seismic scenario for the 5-storey MRF 
The seismic scenario used for the S-storey MRF is given in tenns of Table A.2 which 
lists the selected ground records and some of their key properties. 
Table A.2 Properties of the selected ground records (S-storey MRF) 
No Earthquake name Date Mw Epicentral distance pga (km) {m/sec2} 
196 Montenegro 15/04/1979 6.9 25 4..453 
197 Montenergo 15/04/1979 6.9 24 2.880 
202 Montenegro 15/04/1979 6.9 56 0.410 
244 Valnerina 19/09/1979 5.8 39 0.386 
291 Campano Lucano 23/11/1980 6.9 16 1.526 
295 Campano Lucano 23/11/1980 6.9 58 0.381 
295(Y) Campano Lucano 23/11/1980 6.9 58 0.532 
536 Erzincan 13/03/1992 6.6 65 0.286 
536(Y) Erzincan 13/03/1992 6.6 65 0.297 
584 South Aegean 23/05/1994 6.1 64 0.387 
595 Umbria Marche 26/09/1997 5.7 25 0.380 
595(Y) Umbria Marche 26/09/1997 5.7 25 0.519 
6264 South Iceland 17/06/2000 6.5 52 0.692 
Figure A.2 depicts the unsealed 5% elastic acceleration spectra pertaining to the 
ground records of Table A.2. 
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Figure A.2 5% damped elastic acceleration spectra for the ground records used in the 
S-storey MRF fragility assessment and their mean 
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A.3 Ground record acceleration histories 
The acceleration histories are shown in figures A3-A16. 
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Appendix B Brief theory of dynamics 
B.l Equations of motion 
For a Single Degree Of Freedom (SDOF) system under earthquake excitation, the 
equation of motion can be written as 
mii + eN + ku = - mii g (B.l) 
where, m denotes the mass of the system, c is the viscous damping coefficient, k is the 
lateral stiffness, ii, it, 11 are the acceleration, velocity and displacement of the mass, 
respectively and iig is the acceleration of the ground. For inelastic systems Eq. (B.l) 
becomes 
mii + eN + is (11, it) = -mii g (B.2) 
where, is (11, it) is the structural force, which depends on the defonnation and 
acceleration history [Chopra, 2001]. 
For a linear Multi Degree Of Freedom (MDOF) system, having N degrees of 
freedom, under a one-dimensional translational excitation, the equation of motion can 
be written using the matrix notation as 
(B.3) 
where, [] and { } denote matrices and column vectors respectively and {I} is a column 
vector of order N with its elements equal to either one or zero. Note that in Eq. (B.3) 
those degrees of freedom (DOF) that are not in the same sense as the earthquake 
excitation may be eliminated from the dynamic analysis, by means of the static 
condensation method [Chopra, 2001]. Eq. (B.3) is a system of N coupled differential 
equations. 
The method, which may be adopted to solve the equation of motion, depends on 
whether the system is linear or nonlinear. For linear systems with classical damping, the 
equation of motion may be solved using classical modal analysis. In this case, the natural 
vibration frequencies and the mode shapes of the structural system are initially 
estimated. Following this, Eq. (B.3) may be written in tenns of modal coordinates and 
hence transfonned into a set of uncoupled equations. Therefore, the response of each 
natural vibration mode to the earthquake excitation may be detennined, using a time 
stepping method, from an SDOF system with its vibration properties detennined from 
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this particular mode. Finally, the modal responses are combined to obtain the total 
response of the structural system. For nonlinear systems though or systems with 
nonclassical damping this method can not be applied because the modal equations can 
not become uncoupled. In these cases, the coupled equations of motion are solved 
direcdy through a numerical method. Several numerical methods are available in the 
literature, such as the average acceleration method and Wilson's method [Chopra, 2001]. 
The term classical damping, mentioned previously, refers to a damping idealisation, 
which is appropriate for structural systems with relatively uniform levels of damping 
throughout the structure [Chopra, 2001]. In order to construct a classical damping 
matrix, either the Rayleigh damping or the Caughey damping form may be used. 
Rayleigh damping accounts for both mass and stiffness proportional damping following 
the relationship 
where, the coefficients ao and at are defined as 
2tv.tv . 
a
o 
= ( I J 
tv.+tv. 
I J 
2 
at = (---
tv+tv. 
I J 
(B.4) 
(B.5) 
with ~i and ~j being the natural frequencies of the i th and j Ih mode, where the latter are 
assumed to have the same damping ratio (. In cases where damping ratios pertaining to 
more than two modes need to be specified, Caughey damping may be used. 
Nevertheless, for most practical cases, Rayleigh damping is preferable because its use 
results in less computational effort [Chopra, 2001]. 
Taking into account material as well as loading uncertainty, the equation of motion 
may be written as 
where, X is the vector of random variables. Solution of Eq. (B.6) in the time domain 
may, once again, be carried out using either classical modal analysis or a direct numerical 
integration technique. 
B.2 P-delta effects 
The main difference between a first and a second order analysis is that in the latter case, 
the equilibrium is established in the deformed configuration of the structure. Two 
different types of second order effects may be identified: the P-8 and the P-~. In the so 
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called P-8 effects, the secondary bending moments due to the defonned configuration 
over the length of each member are considered (see fig. B.la). By contrast, in the case of 
P-Ll, the second order effects are considered in a more global sense and arise from the 
relative lateral displacement of the member ends (see fig. B.la) [Aschheim and 
Hernandez Montes, 2003]. 
It should be noted that P-8 effects are typically ignored as their influence on the 
dynamic response of the structure may be considered small compared to that of P-~. In 
cases where the member is subdivided into smaller elements, the aforementioned 
distinction between the P-~ and P-8 effects ceases to be meaningful. In that particular 
case, even if the individual elements are able to depict solely the P-~ effects, at a 
member level this capability becomes analogous to an approximate way to account for 
the effect of axial force on the internal member forces (P-8 effect) [Filippou and 
Fenves, 2004]. The accuracy of the approximation increases with the number of 
elements used to model the structural member. 
Analyses considering only the P-~ effects are usually referred to as truss bar 
approximations (see fig. B.lb). In these cases the axial force may be assumed acting on a 
secondary structure consisting of rigid bars which are connected to the main elements 
though links and to each other by hinges [Clough and Penzien, 1975]. Hence, when the 
element is subjected to lateral displacement II; and "J at its ends, additional forces fGi and 
fGj are developed to maintain the equilibrium in the displaced position. In this case, the 
influence of the axial force on the element stability is taken into account by 
incorporating the truss geometric stiffness matrix in the beam's overall stiffness matrix 
according to 
[K] = lKo] ± [Kc;] (B. 7) 
where, lKo] is the beam elastic stiffness matrix and [Kc;] is the approximate geometric 
stiffness matrix, which is given as 
0 0 0 0 0 0 
0 1 0 0 -1 0 
P 0 0 0 0 0 0 (B.B) [KG ]= L 0 0 0 0 0 0 
0 -1 0 0 1 0 
0 0 0 0 0 0 
The matnx ~] is added to the beam stiffness matrix for tensile axial loads and 
subtracted from it for compressive ones. 
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Equations (B.7) and (B.8) imply that increase of the applied compressive axial force 
results in the reduction of the element's flexural stiffness and hence in larger 
displacements. 
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Figure B.t (a) Representation ofP-~ and P-8 effects (b) Truss bar approximation 
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